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16390 LONG-SPAN BRIDGES: STATE- OF-THE-AI ART 

KEY WORDS: Bridges (cable-stayed); Bridges (cantilever); Bridges L_ 

Bridges (spans); Bridges (suspension); Bridges (truss); Innovation; Spans; mie 
State of the art studies; Statistical analysis 
ABSTRACT: Much progress has been made in recent years in the art of long-span 4 
bridge design and construction. Modern long-span bridges tend to have a more graceful . 
appearance, a breakaway from the traditional shapes, and an economical, light — 
structure resulting in savings in material and labor. In the future, the possible 
introduction of new materials, the improvement in fabrication and erection techniques 4 
(as well as in analytical theories and methods), and the development of new forms of — if 
bridges may not only make it possible to increase the maximum span lengths further, 7 
but also to produce more economical, more graceful, and almost maintenance-free — om 
structures. Also included are lists of all major long-span bridges according to bridge 
types, giving the span lengths, years of pet ‘special features, and other ‘. 
-REFERENCE: Chang, Fu-Kuei (Sr. Assoc., Ammann & Whitney, Two World Trade — 
Center, New York, N.Y. 10048), and Cohen, Edward, “Long-Span Bridges: State-of- 
the. Art,” Journal of the Structural Division, ASCE, Vol. 107, No. sT7, Proc. ‘Paper 7 


16404 RECOMMENDED DESIGN LOADS FOR BRIDGES 

WORDS: ASCE (Committees); Bridge Bridges; Bridges 

_ (highway); Bridges (railroad); Design standards; Earthquake loads; Fatigue 
(materials); agave Ice loads; Snow; Temperature effects; Traffic loads; 


Wind loads 

Recommendations aeuilionaite different to current code practice are made for ri 


span traffic loading, braking, fatigue, wind, temperature, earthquake, snow, ice and 
, forces. Little change is recommended at this time to short span traffic loading 


Buckland, Peter | G., -Chmn.( Buckland and Taylor Ltd. 1591 Bowser 
Ave., North Vancouver, B.C. V7P 2Y4 Canada), “Recommended Design Loads for 
* Journal of the Structural Division, ASCE, Vol. 107, No. ST7, Proc. Paper 


16404, ‘uly, | ‘1981, pp. 1161- 


Ductility; Earthquake loads; Elasticity; Framed structures; Inelastic action; YD are 
Rigid frames; Seismic stability; Small structures; Stiffness; Tall buildings thee 


concrete frames subjected to earthquake motion are presented. The effect of stiffness 
_ degradation on the seismic response and in particular on ductility demand is examined. 
Several single-story frames are analyzed; stiffness degradation significantly increases 
_ ductility demand in short period systems. Studies of multistory frames are also 
presented; stiffness degradation again increases ductility demand but the effect is 
pronounced only in the upper stories. The bending moments and forces induced in an © 
inelastic multistory frame are smaller than those in a purely elastic frame. However, if — 
the columns are to remain elastic while the t 2 girder the reduction 


REFERENCE: Humar, (Assoc. Prof., of Civ. Room 277, CJ. 
"Mackenzie Building, Carleton Univ., Ottawa, Canada K1S 5B6), “Seismic Response of © 
Reinforced Concrete Frames,” Journal of the Structural Division, ASCE, Vol. 107, No. | 

Proc. Paper 16394, July, 1981, pp. 1215-1232, 
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BE, WORDS: Dynamic _Fesponse; Field data; 


ABSTRACT: The responses of 23 family. to motions from surface 

: mining blasts were analyzed with Fourier power spectral density and transfer functions 
to determine their dynamic response properties. The fundamental frequency of the 

_ Structural frames, which had an average value of 7.0 Hz, decreased with increasing _ : 
height of the structure. The damping of these structures was observed to increase with 

. increasing induced absolute motions. Walls vibrating in flexure had fundamental _ 

| frequencies higher than those of the structural frames (12 Hz - 21 Hz). These results 

a apply directly to, the study of the response of structures subject to ground motions : 
‘| from mining activities, and are also useful for the study of response to earthquakes. —> ‘4 

‘ REFERENCE: Dowding, Charles H. (Assoc. Prof. of Civ. Engrg., Northwestern Univ., 

_ Evanston, Ill. 60201; also Faculty Assoc., | United States Bureau of Mines), — 


Philip D., and Atmatzidis, Dimitrios K., “Dynamic Properties of Residential Structures 
_ Subjected to Blasting Vibrations,” Journal of the Structural Division, ASCE, Vol. 107 
No. ST7, Proc. Paper 16387, July, 1981, PP. 1233- 


6508 REPAIRED F PITCH- CAMBERED GLULAM if 
Douglas fir wood; Laminated wood; Reinforcement; Repairing; Strain; 
Structural analysis; Structural design; Tests; Timber construction 


+ ABSTRACT: Full-scale tests were conducted on two radially reinforced Douglas-fir 
_ beams. The two beams, each with a span of 30 ft., were tested only to initial failure’ 
prior to repairing. The two beams were repaired by radially reinforcing each by a 
different method. The radial reinforcing was similar to the field repair carried out + 
beams which fail in service. Each beam was _ instrumented for strain and deflection 
measurements and tested under working loads. In addition, load tests were conducted 
to beam failure, which occurred in radial tension for both beams. A factor of 1.6 was 


7 “test beams show that the American Institute for Timber Construction’s current 15 | 
radial stress limit for unreinforced Douglas-fir is quite conservative and that the 55 psi 
“limit for reinforced ‘Dougles-t -fir be high for some beam am configurations. 


REFERENCE: -Gopu, Vijaya K.A. (Asst. Prof. of Civ. Engrg., Louisiana State Univ., 
_ Baton Rouge, La. 70803), “Repaired Pitch-Cambered Glulam Beams,” Journal of the 
Structural Division, ASCE, Vol. 107, No. ST7, Proc. Paper 16388, July, 1981, pp. 


16395 PLASTIC DESIGN OF CONTINUOUS BEAMS 
KEY WORDS: Continuous beams; Cross sections; Dead loads; Design| 
| criteria; Design data; Highway bridges; Live loads; Minimum 1 weight design; yearend = 
; ABSTRACT: A plastic design method is presented on minimizing the structural weight [ 
of n-span continuous beams with variable cross sections. The loads applied to the beam 
are combined loads consisting of a concentrated live load and a uniformly distributed — 
live and dead load. The method which obtains optimum cross sectional shapes is 
explored. The plastic design method of n-span continuous beams consisting of any span | 
length is presented, and the obtained required plastic moment distributions under _ 
combined loading are shown. Optimum I-shape sections, which lead to minimizing the __ 
beam weight, are given. The modified stepped beams corresponding to the required 7 - 
plastic moment distributions are determined by the dynamic programming approach. | ! 


Japan), and Ito, Mitsuru, * ‘Minimum Weight ‘Plastic ‘Design’ of Continuous Beams,” 
Journal of the Structural Division, ASCE, Vol. 107, No. ST7, Proc. Paper Part 


| 
Observed between tne Strengin of the repaired beams and that of tne unreimorced 
7 beams, clearly indicating that reinforcing a broken beam can restore the original ee ; 
| carrying capacity. The strength predictions for unreinforced and reinforced-unbroken = 
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16383 FATIGUE N' NOTCH FACTORS FOR STRUCTURAL 


Equations; Fatigue (materials); Fatigue notch factor; Load factors; 


ABSTRACT: The use of fatigue notch factors is proposed for specifying 
relationship between the allowable stress range and the number of loading cycles. This 
_is done by premultiplying the stress range with a fatigue notch factor which accounts" 
for the severity of the detail’s stress concentration. The method simplifies the manner — 4 
in which fatigue specifications are written, and it conveys the idea of classification of _ 
_ details by severity of stress concentrations; it is most suitable for use in computer- ~ il La 
~ analysis and design. The proposed equations for redundant load path structures give 
Stress range values closer to those corresponding to the lower confidence limit at two 7 
standard deviations of the mean than the rounded off values in the specifications. The 
_ proposed equations for nonredundant load path structures are set at a uniform 5. =? 
standard deviations below the meanest 
REFERENCE: Albrecht, Pedro (Assoc. Prof., Civ. Univ. 


Details,” 
Proc. Paper 16383, July, 1981, 
Bride 


16376 INELASTIC BEAMS AND SEISMIC ANALY SES 


response; Earthquake engineering; Plastic 


Rotation; Seismic stability; Stiffness; Strain hardening; Structural analysis; 


ABSTRACT: The post-yield flexural characteristics of prismatic members with bilinear ; 
moment-curvature properties are investigated. The objective is to improve point hinge ‘ 
modeling of such members for inelastic dynamic analyses of large structures subjected _ 4 
to seismic excitations. By comparing incremental secant stiffness ratios derived under _ 
_ different loading patterns, an antisymmetric end loading can be used to derive 
| improved average post-yield properties that approximately account for the spread of — 
yielding. Subsequently, two sets of curves are presented for use in practical 
applications; the first gives equivalent post-yield stiffness ratios and the second the — 
corresponding idealized yield moments. Ductility factors frequently used in practice 
are also examined, and some clarifications are made that are aimed at eliminating 


REFERENCE:  Anagnostopoulos, Stavros A. (Research Inst. of Tech. 

_ Seismology and Earthquake Resistant Structures, Salonica, Greece: formerly Sr. 4 
_ Research Engr., Shell Development Co., Houston, Tex.), “Inelastic Beams for Seismic 

TF ny of Structures.” Journal of the Structural Division, ASCE, Vol. 107, No. ST7, 

Proc. Paper 16376, July, 1981, pp. 1297-1311 


16382 STOCHASTIC OF STRUCTURES 
| py WORDS: Bridge decks; Bridges (spans); Bridges Gmennui Control; 
t Deflection; Live loads; Optimization; Random vibration; Random vibration 
7 7 analysis; Stochastic processes; Structural analysis; Structural dy namics” i, den 4 
ABSTRACT: The problem of how to control a structure against colin, disturbance o of . 
7 known statistical properties is investigated. An optimal control law can be found as a \ 
combination of closed-loop control and open-loop control. The open-loop control | 
depends on the statistics of the disturbance, but the closed-loop control depends on the | a | 
- current response of the structure. The approach is used for controlling a sample span 
_ bridge against the effect of the irregularities of the bridge deck. The irregularities are 
assumed to be stationary random processes with known mean and variance. pie 
- comparison between the controlled and uncontrolled responses is considered. 
_ REFERENCE: Abdel-Rohman, Mohamed (Asst. Prof., Dept. of Civ. Engrg., Coll. 0 oc 
Engrg. and Petroleum, Kuwait Univ., P.O. Box 5969, Kuwait), and Leipholz, Horst H. 
a ‘Stochastic Control of Structures,” Journal of the Structural Division, ASCE, Vol. (107, ca 
No. ST7, Proc. Paper 16382, July, 1981, Pp. | 1325 
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KEY WORDS: Algorithms; Constraints; Cost effectiveness; 


structures; Frames; Large structures; Optimum design; Size; Stress; 


_ ABSTRACT: An automated procedure is presented for the optimum design of large aan 
: frameworks having size, stress and displacement constraints. The main feature of the 
algorithm is the use of a simple redesign procedure that is based on a generalized 
optimality criterion derived directly from the Kuhn-Tucker conditions. These bi 
conditions define an algorithm for the selection of improved designs for building 
frames in addition to being the necessary test for optimality. In addition, displacement 
and stress constraint derivatives are derived for multi-variable elements with several 
stress components. The energy-based approach for calculating behavior gradients has 
been extended to include the stess gradients for members of rigid plane frames. This 
formulation permits gradients to be determined for little cost and thus it complements : 
the efficiency of the new generalized optimality criteria method. The efficiency of the 
complete algorithm has been demonstrated by optimizing the design for two relatively 
large frameworks, one and ‘wa 105 


REFERENCE: Tabak, Enrique I. (Struct. Engr, Morrison, "Hershfield, and 
ioe Ltd., Toronto, Canada), and Wright, Peter M., “Optimality Criteria Method 
- for Building Frames,” Journal of the Structural Division, ASCE, Vol. 107, No. 7, 
P 16396, July, 1981, 1327- 
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By Fu- Kuei Chang’ and Edward Cohen,” ASCE 7 
The Wheeling maar Bridge completed in 1848 was the first t bridge with © 
a eoen length surpassing 1,000 ft (300 m). Another milestone in bridge « construction on 
was the opening of the George Washington Bridge in 1931, with a span of 
— ,500 ft (1,100 m) nearly double the prior record holder, the 1, 850-ft (564-m) 


Ambassador Bridge. Since then, much Progress has been made in the art wlll 


or span bridge design andconstruction. 


~ such as s cable- -stayed bridges. and orthotropic decks; (2) new tools of iaaiecle, 
_ such as the use of electronic computers; (3) new materials, such as high-strength | 
steels and concrete; (4) new fabrication and erection methods, such as bolting, 
welding, mass production, and modern equipment; (5) cone quality control; 


in wind tunnel testing techniques. a “consequence, ‘the modern long-span 
- “bridges. tend to have: (1) A more graceful ; appearance; (2) a breakaway from 
ca the traditional shapes; and G) an economical, light structure resulting i in savings © 


= Mar 
4 


or Lonc-Span Bripce Structures. 


efficient way of using is direct which all the fibers 
: have the same stress and, therefore, are fully utilized. Concrete is used for 


wires with ultimate strength in the neighborhood of 000 psi (1,550, 000 
> used under direct tension are most efficient and indispensable i in the construction — 
of all modern extra- long span bridges. The use of material in bending is not — 


__ “Presented at the April 2-6, 1979, ASCE Convention and Exposition, held at Boston, “a 7 
35t- Assoc., Ammann & Whitney, Two World Trade Center, New York, N.Y., 1004 
? Managing Partner, Ammann & Whitney, Two World Trade Center, New York, N. . 5 
- Note.—Discussion open until December 1, 1981. To extend the closing date one month, - 
a written request must be filed with the Manager of Technical and Professional Publications, 
ASCE. Manuscript was submitted for review for possible publication on October 8, 1980. 
This paper is part of the Journal of the Structural Division, Proceedings of the American 


a ~ Society of Civil Engineers, ©ASCE, Vol. 107, No. ST7, July, 1981. ISSN 0044- 


| 
a 


‘The types of long-span bridge structures, , according to the s stress conditions = 
of the primary | load- ~carrying members and their ee in using the construc- = 
tion materials, are. given in Table 1. a” 
A 
i It can be seen from Table | that the bridge types with the most efficient 
4 use of materials, namely, suspension ‘Waites and cable-stayed bridges are 
. particularly suited for extra-long spans. Bridge types with an efficient use ae 
"7 materials, namely, steel trusses and arches are competitive for intermediate — 
+ ‘Span ranges. The bridge type witha moderately efficient use of materials, namely, :% 
; girders, has its inherent limitations. An examination of various bridge types 


teel wires, is an invaluable material in extra-long span bridge construction. 


a! va “ in the suspension aca so-called because the bridge hangs on the 
TABLE 1 —Efficiencies of Long- Span Bridge Structures 


Maximum 
— span 


(meters) 
| — 


- Suspension Bridge ‘Type. —Cable, consisting of strands of parallel cold-drawn 


= 


compression, 


~ 

Most efficient 
(because of 

“configuration 
and high- 

strength wises) 


Bridge type » 


Diese 


Suspension or _ 


Direct 
a cable-stayed 7 


Direct tension or 
compression 
Direct compres- 


Bending 


cient 


Efficient 

Efficient 


effi- 


Steel truss (canti- 
Arches (steel or 
concrete) 
Girders (steel or 
concrete) 


200) 


4,000 
200) 
place trusses 


4 


cables. In In suspension bridge massive anchorages must bes provided 
: dead end the cables. Because of the anchorages, the parabolic cable system 
can be built before any suspended steel is placed. The cable acts as a sky — 
1 and permits a very simple and rapid erection of the suspended steel = ; 
9 and pavement. The cables and suspenders are in tension, and a girder of some 
kind stiffens the bridge so that its geometry is but slightly distorted when the | 
deck is loaded. The girder can be an open Irttice stiffening truss such as in 
the George Washington Bridge and the Verrazano-Narrows Bridge, or a stream- 
timed shallow box girder as in the Severn Bridge and the Humber Bridge. 2 
maximum center span length for existing suspension bridges until recently = 
_ was that of the Verrazano-Narrows Bridge with a main span of 4,260 ft (1,298 
7... (see Fig. 1). The Humber Bridge, which has a 4,626-ft (1,410-m) center 
7 span, will open to traffic in 1981 (see Fig. 2). It would be interesting to know | 
_ the maximum feasible span length; it depends on the ratio of the total dead 
load and live (LL) to cable weight. This ratio can be determine 


nt he material near the neutral a nder, ad 
te 
| 
Bending 
ad 


LONG- SPAN BRIDGE 14 
approximately extrapolation, the the weights o of ‘some existing bridges; 


arrows Bridge, S 


= _ FIG. 2.—Humber Bridge, Longest Span after Completion in 1981 


J For extra- long | span bridges, the ratio of bon + LL) versus the cable weight " 


—— 
ha 
¥ — 


115.5 A kKN/m); 
the variable. A: is the solid ai area a of the cable i in square inches (square meters). ae 
The maximum force in Cable, 7, in pounds (kilonewtons) - be expressed 


T = Hsec@ =- 
in which W = the total in pounds per foot | per meter); 
L = the center ' span length, in feet (meters); f = the sag, in feet (meters); 
8 and @ = the inclination of the side span cable to the horizontal at the tower. ver 
span/sag (L/f) ratios: usually "vary from 8-12. For rough ree in the a 
ie - purposes, assume f = L/10, sec 6= = 1.15, and the maximum force in t 


4 


; TABLE 2. —Weights of Some Existing Bridges 4 ¥ 


foot 

6) 

George Washington | 3, | 40, = 45,880 
_Verrazano-Narrows | 36, 41,450 


= Note: | ft = 0.305 m; 1 Ib/ft = 


re 


ca the allowable stress g., 000 psi ( 000 x Eq. 1 =e 


= 


From Eq. 2, ‘the maximum feasible center span is 12, 300 ft G, 740 
say about 12,000 ft(3,700m). 


limit. By substituting 220,000 psi (1,500,000 kPa) for 90,000 psi (600,000 kPa) 


_and 3.4A (77.0A) for 5.1A (115.5A) in Eq. 2, the ‘maximum limit span length, 
UL, is 45,100 ft (13,700 m), say 45,000 ft (14,000 


| 
i 
t 
= 
tength, | pounds | foot _| pounds | pounds | pounds | Ratio| LL/ 
per | of | cable 
foot DL/LL| weight 
4% 
(237 [sa 
2,240 | 44 | 7.2 : 
11,000 68 | 4.2 
10,628 | 7.6 3.9 
q 
4 
620,000 A = —————————_ in SI units 
> 
transmission line across the Sogne Fiord in Norway. = 
Cable-Stayed Bridge Type.— Although the cable-stayed bridge type was known 


rly a as 
within the last 20 ye or so. The success of the cable- stayed mare in 
aes years is mainly due to the advance in the analytical theories and methods, 
the development of orthotropic bridge decks, and the availability of improved — 
construction material such as stay cables and cable anchorages. Me ae 
For intermediate span lengths, the cable-stayed bridge type is superior to 
: the suspension bridge type in many respects. For one thing, cable- stayed bridges 
= do not need the heavy cable anchorages suspension bridges do. The compressive 
force introduced in the deck due to the elimination of anchorages can be 
_ advantageously used to prestress the deck in case concrete is used. For another, 3 
- unlike the suspension bridge, in which the main cable has a large sag with 
resulting stress variations along the cable, the stay cable has practically the 


e its lenath, way of using the material. 


cable- “stayed bridge type i is also stiffer. 


ft ‘(404 m) in steel, the Saint-Nazaire Bridge (see Fig. 3), and 1,050 ft (320 


1 


a _ m) in concrete, the Brotonne Bridge, both in France. As in the case of suspension __ 


bridges, it is also interesting to what is feasible ‘span length 
_ The limitations of the cable- il bridges depend largely upon the stiffness — 


| 
| 
— 
| 


st Highway Cantilever Bridge at 


= the cable Young’ s modulus, usually 22, 000, ,000 psi ey 000 MPa); % 
= specific weight, usually 0.283 Ib/cu in. (77.0 kN/m’); L = horizontal 
Projection, in meters; and nm = tensile stress, in pounds per square inch ~ 
Since the maximum feasible span for suspension bridges is 12,000 ft (3,700 

it is interesting to known whether a cable- -stayed bridge can als SO 12,000 


For a 12,000-ft (3, 700-m) ‘span, the maximum horizontal projection of the 
‘longest cables is about 6,000 ft (1, 800 m). Assume a factor of safety of 2. all " 


coals, 


a FIG. 6.—Costa e ‘Silva Bridge, Lor Longest Girder Bridge 
_ for maximum tensile stress, n will be 220,000/2.25 = 97,777 psi (674,260 kPa). ka 
_ Substituting the values of L and n into Eq. 3, we obtain E, =0 OSSE.. © 

In other words, for a 12,000-ft (3,700- -m) center span, the stiffness of the ; 
stay cable is 55% effective, which is satisfactory. For a 45,000-ft (14, 000-m) 
span length, with the stay cable stressed to its ultimate strength limit (factor — 
of safety = D, the stiffness of the stay cable is 49% effective. 
4 However, for very long span lengths, the cable-stayed bridges require much > 
higher towers and stiffer decks as 's compared to those for the suspension bridges — 
due to geometry configurations and induced compressive forces in the decks @ 


“Steel Trusses. —After suspension and cable- stayed bridges, steel trusses are | 


| st? toNG-SPAN BRIDGES 
i 


am 


TABLE 3. Bridges 


Main span, ; 
in feet Year of 


Bridge (meters) completion 


Verrazano- 


Michigan 


Other details 
a 


_ Location 


(4) 
Northeast 

Coast of 

England 


j Four lanes; concrete 
towers; special 
features are the 
same as for Severn 

Bridge 


112 lanes on two 
San Francisco, 


Six lanes; bottom la- 
California —teral added in 1954 
Four lanes 


Istanbul, Tur- 


Six tence: special 
_ features are the 
| same as for Severn 
Bridge 
114 lanes on two | 
deck added it in 
-1959- 1962 
deck; double- 
railroad on lower 
deck 
| First major 
sion bridge 


and two- 
track and 


Ways, ortho 


_ deck 


deck; inclined sus- 

penders; four 
Rebuilt after failure 

in 1940; original 

bridge was two 

lanes; new bridge 

isfourlanes 
Crosses the Orinoco 


Ciudad 
var, Vene- | Riv 

Honshu, Japan Parallel wire shop ya 


p 
| 

— 
‘Humber 

Forth Road | 

196 England / Wales 

“Tacoma Nar- | 2,800 ‘Washington | 

— 
| 


ONG- SPAN BRIDGES 


TABLE 


Bronx- White- lanes; truss — 
Laporte) j (668) | 7 ada eh 
Delaware Me- 2,150 (1951 Two twin 
4 Seaway 1960 New York St. Lawrence River 
Melville Gas 2,000 | 1951 Melville, Loui Pipeline 
Walt Whitman Pennsylvania Seven lanes 


structurally: all the ‘members 4 are under direct tension or 


strength of rolled ‘steel elements. is far less that for steel cables => 


and the strength of the compression members is reduced due to buckling. —_ 
> It is not economical to build simply supported truss bridges of greater span > 
_ than about 700 ft (200 m). For longer spans, a cantilever truss which consists a 
of two shore spans each with an anchor arm and a projecting cantilever arm, 
anda suspended span supported by the two “ cantilevers,” is suitable. Sometimes, a 
an arch or tied arch is incorporated into 
_ The world’s longest cantilever truss is the 1,800-ft (550-m) Quebec Rail Bridge 
bait in 1917. The Minato Bridge in Japan, has a center span of 1,673 ft (510 
m), and is the « existing longest cantilever road bridge (see Fig. 4). It is interesting 
to know the maximum feasible span length for | cantilever trusses. The maximum > 
bending moment of the cantilevers depends on the positions of the hinges. , 


in which W = total weight of the bridge, in pounds per foot (kilonewtens | 
-~per meter); and L = center span length, in feet (meters). : 

By assuming 50% for live loads, details and weight of web_ members, and 

££ average solid chord area in square inches (square meters), then W = 3.4 

x Ax 2x LS = 10.24 (W = 71.0 x A x 2 x 1.5 = 231.04), and 
= 1/8 x 10.2AL? = 1.275AL?(M = (1/8) x 231.0AL? = 28.88AL’). Assume 
L/6 is the e depth of the c cantilever; then th the force, F, it in 1 top or bottom chor chord a 


| 
| 
| 
| 
| 
= 


; 
TABLE 4.—Longest Cable- Stayed Bridges 


Year of 
completion Location Other detaiis 


Calcutta, India} Six 

Saint Nazaire | Brittany, Fourlanes 

Stretto Vigo, Spain 


Dusseldorf 


we | B36) lia side span collapse 


ds composite rein- to 
forced concrete 


deck was replaced 
with an 
steel plate deck 
wit vel | embankment con- 
 nects with Zarate 
Palmas, Ar- Four lanes; one 
_| Hamburg, All stay cables were 
Ger- | replaced in 1979 
CD vas? al tg 


-Posadas-En- | 082 Paraguay, Ar- Two lanes; on one 


Bridge | (meters) 
— 
| 
| | 
 Duisburg- =| 1,148 | 1970 | Over the 
F 
d 
| 


q 
(1,050 


sivalaoge’ 


od! 


Pasco, Ken- 
newick 


= 


_ SPAN BRIDGES 


| 


(4) 


hi Caudebec, 


- 
Pasco, Wash- 
ington 


Four lanes; on 
concrete box; 
single plane stay 

cables 

Four lanes; precast, 


-tensioned 


-Wadi-Kuf 


+ 


Manuel Bel- = Corrientes, : 


wie 


Waal, Holland 
Two lanes plus side- | 
walks; precast, 
_ Segmental con- 7 
_ 
Genoa, Italy h 


in n English u units 


Rafael 


=— =6x 1.275AL 


Assuming the av average allowable stress in the | top _ bottom chords is 25, 000. 
g (170,000 kPa), the chord area at the cantilever 254, we obtain 


the maximum feasible span 


is... 
6x 28.88L x 1 
251000 x 1.25 
x 1.25 


Arches. —Arches are also suitable for long-span bridges. The rib of the arches 
can be either box type or truss work. _ Structurally, arches are like inverted — . 


d neqe-ancl 4 q 
a 
= 
‘ 
7 
q 
Fe | 


1981 
suspension bridges, with the primary direct stress in compression rather than 


in tension. The horizontal thrust is resisted by the foundation or sometimes — 
_ borne by girder or truss running longitudinally beneath the deck for the full — 
Tength of the span in tied arch-type construction. The longest steel arch in 
- is ‘the New River Gorge Arch in West Virginia, with a i, 700-ft (520-m) 


with a l, 280-ft (390-m) span. Like other types of long-span bridges, the = 
also has its limitations. ty: assuming a rise, f = L/6, L. = the span — 


‘TABLE —Longest 


Bridge | (meters) ‘completion | Other details 
| rence River, = failed i ‘ 
Canada 1907 
‘Scotland Rail bridge 
Osaka, » Japan 


Commodore | 
J. Barry | 


Greater New 


Howrah 4 4 Caleutta, India 


Gram 


ercy, Four lanes 


San Francisco- | Double-deck highway 


Baton Rouge, Six-lane road bridge 
Astoria, Ore- | Continuous three- 
span truss, 2,464 


3 


Queensboro: «1,182 1908 New York Four lanes at upper 


lower deck 


4 
4 
1,644 1974 ain span has sus- 
(501) pended span of 822 
(=). 
f 
Baton Rouge | 1968 
al 
| 


ial temgueniton'| is about 1. 20 x H. By assuming 75 15% for live _ 


in feet ret. 


Port Mann 

(330) 
1,080 


Queenston: G05) 
978 


Arches 


a West \ et Virginia 

_|Bayonne, New 

Jersey 
Sydney, 

Australia 

[Oregon 


Orlik, Czecho- 
slovakia 
British Colum- 
bia, Canada 
Mersey, En- 
Sabi, Rhodesia 
Glen Canyon, 
‘Arizona 


Other details 


TFour truss 

Four lanes; two side- 

160 ft (48.8 m) wide; 

Tied arch; four 

deck; welded box 

girders = 

Two-hinged arch 

Tied arch similar a 


steel 
Deck is 700 ft (213 


above water 
level 


River, 


United 


Rail | bridge | 


goslavia 
Sydney, 
Australia 
Foz do Igna- 
cu, Brazil 
Operto, Portu- 


Kramfors, 
| Sweden 


of fous 


precast concrete 


3) | 4) 
—NewRiver | 1,700 | 1977 
‘Zdakov | 1,244 oh 1967 
« 
1961 
| 
1989 | 
q wn 1962 

\.. 
«1916 | New York 

‘oft 1,280 34-ft (10.4-m) road- 

Amizade 951 | 1968 


‘Main s span, 
feet 


(meters) 


1, 


“TABLE 7. Girders (Plate Girders and Box Girders) 


=|.) 


Location: 


Costa e 


Gazelle 

Auckland 


Adenauer 
San Mateo 
Hayward 
‘Mays 
Dusseldorf- 


| 750 

689 


Neuss (206) 


— 
853 


Brisbane River 


1974 | Rio de Janei- 


ro, Brazil 


Belgrade, 


Cologne, West 
Belgrade, Yu 


Koblenz, West 
Germany 
‘ Lexemburg, 
‘| City, Lux- 
Bonn, 
Germany 
San Francisco, 


Orthotropic deck; 


tinuous); six lanes 
39-ft 4-in. (12-m) 


roadway; plate 
88-ft (26.8-m) road- au 
way; box girders 


(continuous) 
Box gird 


ag 


Kobe, Japan 


|Overthe 


Rhine River 
in Germany 


Brisbane, 


Six lanes; 180- ft 
(54.9-m) high chan- 
nel; three spans ay 
continuous (no 
hinge atcenter 
line); single box 50 
(15.2 m) deep, 
40 ft (12.2 m) wide | 
with cantilever 
wings to carry the 
72-ft (21.9-m) wide 


sv 
tall 
Amr ~ l 
‘Koblenz-Sud | 775 | 1974 
‘Charlotte | 768 1964 


LONG-SPAN 


“TABLE 7.—Continued 


1976 
sid wang oil? 


«ol 


lanes 


Shizuoka, 


. 


Yamaguchi, 
Shikoku, 
Japan 
United States: 

Nova Scotia, 

Canada 
Uruguay / Ar- 
gentina 


{ Koblenz, West 
Germany 


Sonora, Cali- 


|_ fornia 


4 


segmental con- 
struction; two 


Cantilever 


“uous box girder 
Cantilever 
Cantilever 


Lightweight t box 


{ 


girder 


stress in the arch will be 


T _12x0.75 x 3.4x 4 x 


q a From Eq. 8, the maximum feasible span, L, will be 4,295 (l, 307 ‘m), - 


use of steel all tend to make steel girders possible substitutes 
for steel trusses. The longest existing girder bridge is the the 984-ft t (300-m) span 
Costa Silva Bridge in Brazil (see Fig. 6). 


List oF Existing Lone- Sean Broces 


Tables 3-7 list the span of completion, and | special features 


all major bridges according to bridge types. All bridges under construction (uc) | 
also included. 


Koro- | 790 Unies 
psi (160,000 kPa) for allowable Stress, the 
= 
of high-strength steels, thicker steel plates, and the recent advances in buckling ia | 


n bridges are graceful, light, and economical. However, they 


have ~“y no means reached or nearly reached their optimum stage. For one _ 
- thing, the maximum feasible span length for suspension and cable-stayed bridges - 
_ 7 is about 12,000 ft (3,700 m), whereas the maximum spans for existing suspension 
and cable-stayed bridges are 4,626 ft (1,410 m) and 1,325 ft (404 m), respectively. a ; 
The maximum feasible span length for steel trusses and arches is 4,000 ft (1, 200 a 


m), as compared to 1,800 ft (550 m) and 1,700 ft (520 m) for existing trusses 


_ and arches, respectively. In the future, the possible introduction of new materials a _— 


- such as maraging steel, aluminum alloy, fiberglass reinforced plastics, — 
concrete, etc., the improvement in fabrication and erection techniques, as well 
as in analytical theories and methods, and the development of new forms + 
_ bridges may not only make it possible t to increase the ‘maximum ‘Span lengths 
further, but also to produce ‘more economical, mo e graceful, and almost 


4 


eal 
By the on and Forces on of the 
Bridges of the Structural Division 
in thi paper are the best estimates i the ASCE en 


on Loads and Forces on Bridges of the various influences on bridges. In = 
cases they endorse current practice, in others there is a more radical departure — 
as the established codes appear to have fallen behind the latest thinking. — 
“In all cases the loads must be considered in conjunction with the allowable _ 
stress or load factors. A light design load and a low allowable stress may be a 
" more severe than a heavy design load with a - allowable stress. Stress levels 
" ; and safety factors are not considered herein, but andlyses on reliability of the — 
estimates of loads can be found in the 1¢ Commentary. 
The recommendations are given in code format and apply primarily to highway i 
- bridges of any span and type, but bridges for railraods, mass transit, aircraft, 


+ 
and other special vehicles are also given consideration. 


Trarric Loapinc For SHort Brioces 


No change to existing fon es: is recommended at this ti time. Changes may — 
a » errnaal in the near future, however, when current research can be appraised. 
3.0 ‘Trane Loapinc For Lonc Span Brioces he 


= is outside the range | of the code which would ‘normally be appropriate 

for a shorter bridge at the same location. me 

4 3.2 Basic Lane Load.—The basic lane load sad shall consist of a ‘uniformly — 

4 distributed load, U, and a single concentrated load, P, as gve in Tabte 1 
or Fig. 1. 


concentrated load, P, on the bridge per lane. 


This loading shall not be used to design deck slabs, stringers, or - other members a 
normally designed by the presence of one or more axles of the standard design — 
, _ vehicle. A range of values is given for U. The designer shall adopt the values — 


2 _ Note.—Discussion open until December 1, 1981. To extend the closing date one month, 
; a written request must be filed with the Manager of Technical and Professional Publications, 
: ASCE. Manuscript was submitted for review for possible publication on December 23, — 
i 1980. This paper is part of the Journal of the Structural Division, Proceedings of the 7 
American Society of Civil Engineers, ©ASCE, Vol. 107, No. ST7, December, 1981. | 


16404 ate 


11620 
most suitable for the anticipated traffic on the bridge. 
3 3 Loaded Length.—The values of U, P depend only on the length of bridge 


= is considered loaded to produce the effect required. They are depen 


of span. 


The loaded length to be used for be that 
maximum effect from the uniform load, U, only. The concentrated load, P, 
appropriate for that loaded length shall then be added at a position which produces 
the maximum effect, but not outside the length covered by the uniform load. — 
If two or more lengths of bridge are loaded, whether adjacent or not, the 
loaded length shall be the sum of the various loaded lengths and the concentrated 


load shall be applied once only. 


TABLE 1 Concentrated Loads for Design of Long Bridges 


Loaded 
a length, in 


feet 


— 
as. 


100 
(61) 
(244) 


‘than 12,000 Ib (53 KN) in the traffic stream. => 


Uniform Load, (U), in pounds per 


9 
pounds 


kilonewtons per meter 
“400% HY? 


oF 


1,425 
20.8) 


7 


5) 


72,000 
(320) 
96,000 


144,000 
400 


_ “%HV denotes the average percentage of heavy vehicles (buses and trucks fucks greater — 


ish 


(05) 


—No allowance shall be added for impact. Het 
‘Position in Lane.— 


lan 
. travel off the center + line ¢ of a 4 Jane, in n which case the load shall be applied Za 
_ 3.6 Multiple Lanes.—If more than one lane is loaded, the lane producing — ; 
the maximum effect shail have the basic lane load. The lane having the = 
"greatest effect shall have 0.7 of the basic lane load. All other loi loaded lanes — 
shall each have 0.4 of the basic lane load (see Fig. 2). All lanes shall have . 
the same loaded length, but some may have zero load if such produces a el 


| 
48,000 940 e 1,100 
| 90 
680 — 
_ 89) 
§ 


oa 1163 

| 


0 
° 


LOADED 
‘FIG. P, U (P = » Load Per Lane; U = Uniform Load 
Per Lane; and %H.V. = = Average of Heavy Vehicles in Flow) 


of caine 

— 


4 


| | 
cine oo — 180,000 
| 
| 


| 


ia Lane producing maximum effect (b 


4 roducing. next greatest « effect ©. 7x load) 


3- Lane 


- effect. The emma load need not be in ‘the same position ule the bridge 
of the maximum effect is found by having the most | heavily loaded lane on 
one side of the bridge for part of the loaded length, and on the other side 
“of the bridge for the remainder, e€.g., to produce the maximum torque, then 
the loaded length shall be taken as the total length of the most heavily loaded 
_ lane (see Fig. 3). Note that the most heavily loaded lane cannot occur in oe 
lanes at the same point along the bridge. 
Impact 
4 
It is recommended that n no new for bridge live- load impact 
design be advanced at this time except that the term “‘impact’’ be replaced 
wherever appropriate in current specifications by the more descriptive term 
‘dynamic allowance for traffic loadings.’’ It is further recommended that new, 
recently promulgated specifications for dynamic load allowance contained in 
- the 1979 Ontario Bridge Code and in the 1976 American Association of State 
Highway and Transportation Officials (AASHTO) Tentative Design Specifications 
for Horizontally Curved Highway Bridges, should be evaluated in relation to 
each other, to the yoovieiens of Article 1.2.12 of the 1977 AASHTO Senneuet 


6. 0 Braxinc Forces 
Provision shall be made for the effect of braking (or acceleration) i in all lanes _ 
= may be expected to carry traffic travelling in the same direction during __ 
‘the of the The specified reduction in for multiple- -loaded 


| 


_. The longitudinal load due to sai in one lane shall be equal to 80% of . 
the load of the design truck. The coincident longitudinal load in each other 


2 traffic lane shall be 5% of the lane load, including concentrated load for moment. 
The longitudinal force shall be applied 6 ft (2 m) above the — surface. ; ~ 


- ' the fatigue design of a steel highway bridge, the expected distribution 
_of truck traffic shall be represented by a fatigue design truck that is the same 
the HS20-44 truck (Ref. 3.1, Article L 2.5), except | that its | gross weight, 

We, ., shall be selected so that the ‘number of cycles to failure for the fatigue 
- truck is the same as the total number of cycles to failure for the different 
trucks in the distribution. If specific information is available on the eT 


truck traffic, shall be determined from 


ia witdel a, = = the fraction of trucks with a weight W,. If specific information 
is not available on the expected distribution of truck traffic, W, shall be equal 
~ to 50 kips (220 kN). If specific information is available on truck-traffic volume, 
each lane of bridges on two-lane highways shall be designed for the total 
truck-traffic volume in both directions, and each lane of bridges on highways 
of more than two lanes shall be designed for the truck-traffic volume in one 
_ direction. If specific information on the truck-traffic volume is not available, — 
each lane of bridges on major rural highways shall be designed for an annual 
_ average daily truck traffic (AADTT) not less than 400 times the total number 
of lanes, and each lane of bridges on major urban highways shall be designed 
- for an AADTT not less than 600 times the total number of lanes. As used 
herein, AADTT excludes panel, , and two-axle/four-wheel trucks, but 
‘The truck loading for fatigue eidien i is to be placed in the lane that gives © 
7 the greatest Stress range for the effect considered. The other lanes shall be 7 


taken particularly wit 
guidance herein for unusual loads, but s ‘some assistance. is offered in “the 


8. 1 Wind on Superstructure a 
8.1.1 Horizontal Wind Load on Superstructure. —The wind 
_ W,,, in pounds per square foot of exposed area, shall be calculated according © 
_ to the following expression, the exposed area being the sum of the areas of 
all members, including floor system and railing, as seen in elevation at 90° 


4 
| 
| 
| 


in which z = height in feet of the of ‘the floor | above or 
water level, but not less than 30 bid 


= differ from Fig. 4 due to channeling or downslope effects. Therefore, : 


_ in these areas local wind data should preferably be used. The foregoing expression 
includes a factor to account for wind gusts. The shape factor C, shall be 1. > 


FIG. 4—Annual Extreme Fastest-Mile Speed 30 ft above. Ground, 100-yr Mean 


or greater for plate or box g girder Eta unless wind-tunnel data show a Pace a 
data show a lower value i is applicable. 
- 8.1.2 Vertical Wind Load on Superstructure. —The vertical wind load, W,, 


_in pounds per a foot of plan area of the superstructure shall be calculated 


(8.2) 
= the height and wind speed defined in Section 8.1.1; 


and C, = the shape factor for vertical loads. The value of C, ‘Shall be taken 


| 
e078 
= 
| 


RECOMMENDED DESIGN LOADS 


0 be 1.0. The vertical force acts s either upwards or <a ‘shall be 
taken to act at the windward quarter point of the transverse width of the structure. 
Lower values of C, and a different point of action may be used if justified 

8.1.3 Wind Load on Live Load.—A horizontal wind load on the live load 
shall be taken to act at a point 5 ft above the road surface. The magnitude ~ 

of this load, per square foot of exposed live load area, shall be calculated 

4 using the expression given in Section 8.1.1 except that C, shall be given . 
_ value of I. 2 and Vo shall be reduced t to 55 mph if it exceeds this value. The 
a height 
of 10 ft above ‘the: road ‘surface. "Areas below ‘the top of : a 1 solid barrier shall 
 ’ea Forces Transmitted by Superstructure. —The forces transmitted to the os 


- substructure by the superstructure shall be calculated for a wind at right angles oP 
to the longitudinal axis of the bridge and for a range es wind angles sk skewed _ 


TABLE 2.—Skew Angle Fac Factor for Leeds. on 
GaderSpens 


or vertical horizontal or vertical 


0.55 on 0.32 
038 


- 


? off from this direction. The horizontal and vertical wind loads are to be applied a . 
_ Simultaneously, the horizontal load being divided into transverse and longitudinal 
components that are to be taken as acting at the elevation of the centroid 
of the exposed area of the superstructure. The horizontal and vertical loads 
are ‘to obe in Sections 8. 1. 8. and 8. 1. 3 multiplied by the 
ed 
by wind load on live load, ‘the skew angle factors for ‘girder spans in Table 
- 8.2.2 Direct Loading of Substructure.—The horizontal wind loads per square © 
- foot of exposed area of the substructure shall be calculated from the or sageonendl 
in Section 8.1.1, the shape factor or Cy, being taken to b be 0.7 for circular cross 
sections, 1.4 for octagonal cr cross sections, and 2.0 for rectangular cro cross sections. 
7 For wind directions skewed to the substructure, the exposed area shall be that — 
_ seen from the direction of the wind and the wind load shall be resolved into 
- components acting perpendicular to the end and side elevations of the substruc- 
= ture. ca two ae components sha shall be taken to act at the centroids of the 


q 
q 
a 


‘the loa loads induced by the superstructure. 
8.3 Long Span or Unusually Flexible Bridges 
The € provisions of Sections 8 8.1 and 8.2 are intended primarily for highway 
bridges with spans of less than 400 ft “length. Such bridges are unlikely 
suffer fi rom wind induced vibrations because of their low flexibility. Many longer 


should be for ‘flexible bridges. The commentary gives a 
description of the different forms of wind induced and the wind-tunnel 


methods that are available. — oth 


—— 
for 


14 for 0.25 ¥ 
— 


| 
: flexible that they are prone to wind induced vibrations. Vertical, torsional, and -. ; 
: _ transverse vibrations are caused by buffeting by wind gusts and by aerodynamic 
q 
| 


_ Slender structural members such as hangers, spandrel columns, truss members > 
; and cables shall be designed to resist resonant vibration caused by vortex shedding. 
The critical wind speed, V.,,;, at which resonant vibration occurs shall be 
= 0.68 — miles perhour . . 


in 1 which S= Strouhal n number (given in Fig. 5 for various cross-sectional shapes); 


N= lowest natural frequency of the member, in cycles per second; and b 
= width, in feet, of the member as seen from Pe direction of the wind. The . 
"parameter pe shall 1 not be be less than 0 0.81 z yo for any structural member 
unless “special measures, such as the anole “of adequate damping, have 
been taken in order to inhibit the vibration, or unless experimental data exist 


"demonstrating the cross-sectional shape is not prone to vortex shedding excitation. 


At the time ne of w writing, the Applied Council ATC-6 is preparing 
formal design criteria for the earthquake response of bridges. It is recommended a 
_ that the design forces in the ATC-6 criteria be adopted when published. 


‘The design stresses of bridge superstructures must properly account 
i: 3 variations in temperatures and the presence of thermal gradients through the 
7 _ superstructure depths. The effect of restraint to thermal movement due to friction 


7 or shear in expansion devices, the flexibility of substructure and ero 


the superstructure with the where applicable shall be Galy accounted for 
Pcs temperature ranges of Fig. 6 and distribution along deck /girder ¢ depths 
m are applicable to concrete and steel and also to superstructures 


Concrete Deck 


Steel Stringer 


—Temperature Ranges and Distribution along Deck /Girder 


9.0 EartHauake 

| 

F 

L 


with a combination of these materials. Timber and masonry structures are not 


3 included herein because of their poor thermal | Conductivity and also because 
of their rare usage as main highway bridges. 1 of boop Made 
The Committee makes no recommendation on design temperature ranges for 
overall expansion. These variations a on the assumption that the — 
temperature at the erection time is 65° F—these need some adjustment based 
on bridge site locations; coefficients of thermal expansion for both steel ond 
“concrete shall be taken as 6 X should be noted, however, that 
value varies from 4 x 
aggregate; in certain instances, positive linear temperature differential i in 1 concrete 
deck /girder bridges may be as high as 30° F; and d = total depth of girder. 


‘snow and ice loadings on bridges. shall be where 


appropriate. Snow loads must be established ‘for each site. Factors 


- to be considered in estimating snow loads are he Po 


Maximum accumulated. snow on open t terrain: in the area of 
ee: Probable density of " snowpack. Range of specific gravity: newly fallen 
snow = 0.1; normally ecsumulated snow = 0.3; compacted snow = 0.5; and 
Pe: Conditions conducive to uneven accumulation such as drifting, blocked ; 
Effects of loadings from snow avalanches shall be considered where appro- _ 
priate. Ice accretion on exposed members Gating freezing rain storms shall 
be considered where appropriate including the effect of ice accretion on 
_ aerodynamic characteristics | of members. Note that reduced live loadings are 
generally appropriate in combination with snow ¢ orice loads. 


_ Snow loading may normally be neglected in the following areas of the United 7 


‘States. 


In the ; absence c of specific data on accumulated snowpack, the maximum _ 


4 


measured total seasonal snow depth. 
| 


2. 1 General. —Forces generated wy floating ice on piers shall be determined : 

‘taking into account site conditions, condition of the ice at the time of movement, — : 

and the mode ice behavior expected. The following modes of shall 


1174 
| 
} 
| 
q 
Effects 
| 
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action of ice jams; and (4) vertical ff 
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action from adhering ice sheets in water of levels. 
_ The ice thickness, its strength, its direction of movement, and its height of © 
action shall be determined from field investigations, published records, aerial 
photography, or other appropriate means. Consideration shall be given to the z 
worst expected combinations of thickness, strength, and height, to the possibility - 
_ of extreme thicknesses resulting from special operations or circumstances, and 
_ to the natural variability of ice from year to year. The probability of simultaneous ; 
Oveurrence of the aforementioned circumstances may be considered. 
12.2 Dynamic Ice Forces.— Horizontal ice forces -Fesulting: from the > action 
of moving ice are to be calculated by th the formula F, = C,C, ohb | in 1 which 
F, = horizontal ice force on pier, in kilonewtons (1 KN = 225 lb); C, = indentation - 
coefficient (see Table 3); C, = coefficient of pier inclination (ees. Table 4); 
+ = effective ice strength specified as follows, in kilopascals (1 kPa = 0. 145 


oad TABLE 3.—Indentation Coefficient orignal nodW 


nowigcht aldiaell bas ‘lo oft al dq 


psi); thickness of ice in contact with pier, in meters (1 3.28 28 
and b = = width or diameter of pier at level of ice action, in meters. — ES a, act | 
« Effective ice strength shall normally be taken in the range 700 kPa-2, 800 
kPa (100 psi-400 psi) on the assumption that the ice crushes on contact with 
the pier. The values used shall be based on an evaluation of the probable condition 
of the i ice at time of movement, on previous local experience and on an assessment 7 
of existing g structure performance. The following guide to values of effective 


ice strength appropriate to various situations may be used. 


l.o = 700 kPa (100 psi) where break- “up occurs at melting temperatures; ‘ 


o = 1,400 kPa (200 enti where break-up occurs at melting temperatures, 


' 
4 
id . the internal structure of the ice has substantially isintegrated and the ice runs 


but the ice is moves in pei pieces. ces. 
3 3. 6 es 2,100 kPa (300 psi) where at break-up there is an initial “movement — 
) of the ice sheet as a whole or where large sheets of sound ice may strike 
4. o = 2,800 kPa (400 psi) where break-up or major ice movement may occur — 
with ice temperature significantly below the melting point. Peoria mee 
> Due consideration should be given ‘to the probability of extreme rather than _ 
ice conditions atthe site in question, 
Piers shall be placed with their longitudinal axes parallel to the principal 
direction of ic ice : action. The horizontal ice force, Pas calculated by the formula 


force n not t less than 15% of the horizontal force, Pi, , shall be considered to 
: _ Where the loagitudinel axis of the pier cannot be placed parallel to the principal © 
direction of ice action, or where the direction of ice action may shift, the 
total force on the pier shall be calculated by the formula, taking the “width 
of the structure to be that normal to the longitudinal axis of the pier. The 
resulting force, taking into account its assumed direction of action, shall then 
_ be resolved into vector components parallel and transverse to the longitudinal 
axis of the pier. In such conditions the transverse force shall be not less than 
a: In the case of slender and flexible piers, consideration should be given to q 
the oscillatory ice forces associated with dynamic ice action and to the possibility 
high momentary forces, structural resonance, and fatigue. 

_ 12.3 Thermal Ice Forces.—Ice force on piers frozen into large ice sheets shall 
"receive special consideration where there is reason to believe that the ice sheets cs 
subject to significant thermal movements relative to the piers. 

12.4 Forces of Ice Jams. —An n assessment shall be made o of ‘the possibility 

; of formation of an ice jam at the site in question. Where a reasonable possibility 

: exists consideration shall be given to the height of the jam, horizontal “wee 


= radius 


abe, 


| 

an 


and impingement of the jam on the bridge superstructure. 
12.5 Vertical Ice Forces.—Vertical ice forces on piers frozen into ice sheets" 
in water bodies levels are expected to change shall be 


“This recommendation replaces the last paragraph of Article 1 .2.13 of AASHTO” 
The longitudinal force due to friction at expansion bearings or or shear resistance 
at elastomeric bearings shail also be provided for in the design as follows. 
For sliding type bearings, this force shall be based on the following percentages 


bs _ Average static 


_ For rocker type bearings, this force shall be based on a 20% friction coefficient 
on the pin, and shall be reduce iced in to the radii of the pin and 
Commentary on Design Loans FOR Brioces ah Ay 


a. 0 Introduction 

This commentary outlines briefly why the ‘ASC E Committee on 

Loads and Forces on Bridges adopted the Recommended Design Loads for ; 
* Highway Bridges. The Committee was split into subcommittees to study the 
various types of bridge loading, excluding railway loading. Each subcommittee 


consisted of members who had considerable experience in studying the type 7 | 
-ofload assigned to it—indeed that was the qualification for being on the Committee = 
in the first place. The subcommittees prepared their best estimates of loading, 
with supporting evidence, and circulated these to all other members of the > 
‘Committee for criticism. Finally, after appropriate modification of the drafts, — 
the full Committee met and the -Fecommended as they 


aj It was recognized by the Committee that connie “at is being done 
P various States and in Canada to define a model which represents the actual 
_ highway loading better than the H or HS models in AASHTO (Ref. 3.1). While — ‘ 


_ much of this work is extremely promising and has in some cases already been © 
adopted by the evidence was was 


i 
q 
| 


to the Committee to allow it to eae a recommendation. uses for aula 
traffic loading have been made by Ontario, California, and Louisiana. 
_C3.0 Commentary on Traffic Loading for Long Span 
3.1 General.— Common sense as well as all known studies done to date 
(Refs. 3.2, 3.4, 3.5, 3.6, 3. 7, 3.8, 3.9, 3.10, and 3. 11) suggest that as the length» 
_ of a traffic load increases the maximum expected load per unit length decreases. 


A sbort length may be entirely _ by the heaviest trucks. A long length 

The exact length at which the et: loading would come into effect is 
not ‘clearly defined. Until further study has been done it has therefore been 
set at the point where applicable codes, such as AASHTO (3. 1), no longer 7 
on & Basic Lane Load. —Although the average load per unit length decreases _ 
_with length, the variability over the length considered increases. A short length, i. a 
loaded by two of the heaviest trucks available, has almost a uniform load per ; 
foot (discounting the effects of individual axles). A long length, with a lower 

_ average load, can still have several large trucks together which form a localized 

- concentration of load. It can be shown (Refs. 3.5 and 3.6) that, even with — 

- nonuniform traffic, the maximum shear and maximum moment can be adequately : 
represented by the parameters PandU. = | 

i. The values selected in columns 2 and 3 of Table | came from a 2-day study 

: - of traffic (92,761 vehicles) ona bridge | to Vancouver, B.C., thought to have _ 

ie above average truck traffic for the area. The proportion of vehicles exceeding» 
~ 12,000 Ib (53 KN) registered Gross Vehicle Weight was 7.4%. For the purposes 
of Table 1, however, further columns (4 and 5) were added for which the Lo 
__ theoretical proportion of heavy vehicles was arbitrarily increased to 30% to 


was found to be not souilindinthey sensitive to the percentage of heavy vehicles : 

a C3.3 Loaded Length.—The loading given has been shown to work well for ~* 
Single spans with any end conditions, e.g., simply supported, fixed, and continuous 
(Ref. 3.4). Multiple span loading has not been studied in depth, nor has suspension 

: : Since P increases with loaded length it would theoretically be possible to 
have enormous values of P by choosing a loaded length of, say, 10 continuous — 


Pe 3.5 Position in Lane.—With large numbers of vehicles randomly spaced, a 

average position should be close to the center of the lane. 

_ €3.6 Multiple Lanes. wl constant ratio of lane loads for all lengths is not 
= (Ref. 3.5). A reasonable compromise is the ratio given in Fig. 2, which 


gives similar effects to the British Code (Ref. 3. 3) and AASHTO (Ref. So. 


comperisen is in Ref. 3.5 


il, 
"set by considering the worst effects of U only, then adding P in. There > ' 
evidence that this approach is at least 
 €3.4 Impact.—It is found that the worst loading occurs with the traffic 
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x C3. 7 not an “upper limit, the loading ¢ given is 
7 to be generally on the conservative side. Adequate information on truck traffic 
| is not available so the writers have tried to overestimate its effect. In addition, 
some of the techniques are conservative. For example, the load given for 400 af 
q ft (122 m) loaded length is the maximum found on any 40 ft (122 m) length 
of a bridge 6,400 ft (1,950 m) long. With the same return period but just considering — 
; “only one particular length of 400 ft (120 m), the loading would not be so great - 


— 


The subject of impact, or dynamic allowance for traffic loadings in the « design 
of highway bridges, has been of great interest and much comprehensive effort 
has been devoted to the study of the problem and the development of improved 
design procedures. Optimum design live-load allowances for traffic loading should — 


a straight bridges: (3) concrete and steel stenctures; (4) load factor design 
and a stress design; (5) all ranges of ne live loading; (6) all a 


A survey of international highway-bridge design loadings made in 1975 (4. 1) 
showed that dynamic allowances worldwide are empirical formulas based pri- 
py The report States 7 


a in the approach of different countries in assessing the impact allowance © 3 
:: : to be made in the design and the resulting wide variation in the values _ 
dai obtained. Therefore, there is need for more research in this field to ascertain _ 
Pp _ the actual behavior of different types of bridge structures under different al 
types af vehicular loads and to evolve suitable design procedures. 
The general AASHTO impact allowances (4.3) have served bridge designers 


from their use, and that fact plus their simplicity would seem to mitigate against | 
drastic change. Some questions with ‘Tegard t to any changes to the AASHTO © 
1. Should they be made more 
2. Should they be made less 
3. Sh Should they be replaced or restructured? 
ut Recent research leading to a new highway bridge design dynamic load allowance 
is described by Csagoly and Dorton in Ref. 4.2. The new Ontario Bridge Code 
is generally more conservative than the AASHTO Standard Specifications — 
P _ Highway Bridges 4. 3) in in regard to dynamic allowances for traffic e.. 


>» 


i) 
| 
| 
| 
Present Knowledge abdout the dynamic Denhaviour OF live loads on bridge 
i 
| 


although the 1 net effect of this ‘be offset by. by other new of 

Ontario Code. new new Ontario Bridge Code specifies the following | new 

seal dynamic load allowance of not less than 0.4 for deck slabs and deck _ 

| systems, the designs of which are controlled by wheel loads Ses ae 

2 A dynamic load allowance of not less than 0.35 for floor beams and ‘Stringers : 
spanning less than 39 ft (12 m). — 
3. A dynamic load allowance for main load carrying members which is a as 
function of the calculated first flexural frequency of the members. A range = 
~ of maximum values from 0.30-0.55 is permitted and a minimum value of 0. 30. 
is specified. The higher values apply in the 1.0Hz-6.0Hzrangee 
4 4. Reductions i in dynamic load allowances w when n calculating th the effect of permit — 
loads which are required to proceed at reduced speeds. 
_ §. Modification factors for reducing dynamic load allowances in n ultimate limit 
state cases of more than one truck, 
_ 6. Optional use of advanced theoretical or experimental dynamic analysis 
of the vehicle- ‘bridge to establish the values of the dynamic allowance. 
separate impact specifications for curved steel I- -girder 
- members are proposed in the 1976 AASHTO guide specification for the i. 
of horizontally curved highway bridges (4.4). The proposed impact factors are ae 
based on the results of a finite-element method of analysis. The maximum | 
deck slab impact factor is lower for curved I-girder structures than the meno 
general AASHTO impact ‘requirements. In contrast, the new Ontario Code 
= the dynamic load allowance over AASHTO for bridge deck slabs. - 
_ Additional research on the subject of dynamic allowance for traffic loads is 
_ recommended in the commentary of the AASHTO curved bridge specification. - 

. When and if the 1976 AASHTO horizontally curved girder guide specifications _ 

oll for impact are formally adopted, a start will have been made on the “desirable ‘ar! 
differentiation of dynamic load allowances in the design of specific types of 
structures to supplement the impact factor specification for bridges in general t 

“a Rational methods of design for response to dynamic loading have been advanced 

by the best known earlier ‘Tesearch on this ‘subject: was 


ont Wolhtads (Refs. 4.7 and 4.12) and the findings are described by Wright | 
and Walker in Ref. 4.5. The latter publication describes quite lucidly the purpose © 
served by a dynamic load allowance and how it interacts with other bridge-design 
considerations. The University of Illinois procedure might readily be converted 
‘to a tabular or graphic form of specification. Rational methods of analysis for man 
design in general which are acceptable to the AASHTO Committee on Bridges _ 
and Structures may be used at the option of the designer. The new Ontario 
Bridge Code and the new AASHTO guide specification for horizontally curved 
girders both provide for optional use of dynamic analysis by the nr, to 
 deemmins > dynamic lo load allowances in lieu of the designated allowances. __ 7 
While many researchers have advocated rational methods for including 
dynamic effect of moving loads in the design of highway bridges, yet, as Thomas" 1 


| 
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ashi out (4.1), most nations continue to treat dynamic aw effects in design 


br _ by applying an increment to the static design live load. One reason may be 
the difficulty in assessing whether a change to a rational method would be 
: more or less conservative than the present satisfactory empirical methods. fot 
effectiveness and and safety effectiveness are other considerations. ry 
_ Among the more compelling concerns of many highway bridge designers — 
code writers are: (1) The fact that measured dynamic increments of strain in 
_ highway structural members have sometimes almost equaled the static live load 
’ Strains; and (2) the fact that the AASHTO design live loading, including impact, 
’ is one of the lighter ones in use worldwide. Offsetting this is sees fact cm 
on static. live load ‘strains well below the « design level. 
__ Ina consideration apart from the design, the application of a reduced dynamic 
: allowance for traffic loading appears reasonable for the calculation of live load 
stresses under permit overloads where vehicle speed is reduced and greater 
numbers of axles and special suspensions may alleviate dynamic effects. This — 
is recognized i in the ‘new Ontario Bridge Code. beot 
Another consideration in the new Ontario Bridge Code is the dynamic load» 
allowance for the design of pedestrian overpasses. This is an area that would 
seem to warrant further research, sob pab to semy sat a 
_ The current impact factors of some nations are lower for concrete bridges 
than for steel bridges. Since the AASHTO specifications for ieesidnien 
of concrete structures are quite conservative, a reduced dynamic load allowance _ 
for concrete bridges might seem logical except that the greater inertial force — 
of concrete bridges under dynamic excitation (4.6) has to be considered as . 
an offsetting factor requiring a corresponding increase in the dynamic load y 
— The provision in the new Ontario Bridge Code of a higher dynamic = 


problem. This may include two aspects. First, for a given a bridge, there are — 
_ uncertainties regarding the traffic condition and the characteristics of the vehicles — 


¥ 


and their initial motion conditions. This aspect is indeed common to many types - P 
of structures. The second aspect is a to Consider a bridge crossed» 


_ that the characteristics of the time dependent dynamic increment curves are 
not sensitive to a small change of the vehicle velocity, and the curves for — 
; the same effect at neighboring sections are similar (4.7). However, there is 
a small phase shift of an increment curve due to the small change of the vehicle 
"velocity. Therefore, the chance of producing the maximum dynamic effect due 
_ to a fluctuation of vehicle velocity depends on the chance of the maximum 
amplitude of an increment curve coinciding with the maximum static influence — 
curve. The probability of producing 2 maximum dynamic effect when the Satie 
_ influence curves show a flat maximum (such as the negative bending moment 
in a continuous bridge) is much larger than the probability of the maximum © 


effect occurring when the static influence curves have a sharp peak (such as 


- — OF the effect of inertial forces which should predominate when the resonan 
a i- q bridge frequencies are excited by corresponding oscillations of vehicles suspen- 
! as the dynamic increment superimposed on the static effect. It has been shown 


_has perhaps, to some extent, been incorporated in the Ontario Bridge Code, _ 
- The concept of the present impact factor results i in an increase of the vehicle 
force. In fact the dynamic effect, as far as design is concerned, m ‘may be considered 4 

; as the result of the bridge inertia force and the applied vehicle forces (including 
weight and inertia). For the design of a secondary member, e.g., bracing, its a 

_ own inertia force associated with the bridge motion should be considered. 

' - Some nations give consideration to varying the impact factor across the cross | 
section of the bridge according to traffic lane and to using reduction factors 7 

: for multiple loadings. Resonant vibration studies of both curved and straight id 
as well as simple and continuous steel I-beam spans have indicated that the — 

_ maximum dynamic responses may vary with the location of the dynamic force = 
and the resonant frequency excited (4.8,4.9). These findings would seem to 
indicate that the application of the same dynamic allowance for traffic loadings 
to all main load carrying longitudinal members regardless whe-r~cenhaer nerd 

valid due to the random nature of dynamic excitation by vehicles. Aida ‘ 
4s There may well be need for more concern with impact-induced overstress 
‘in the case of concrete bridge decks. The reasons for this are several: (1) A 
- more direct contact of load; (2) the possibility of shock-induced effects due 

_tolocalized deck or or approach roughness (or faulting); (3)< obstacles on the roadway 


- evidence that large strains may occur in concrete deck slabs due to > dynamic 
7 wheel loadings (4.10). The need to consider the shock effect on short span 
structural members (such as the portion of the deck spanning longitudinal girders) 
has also been described (4.11). Concern for dynamic allowance for traffic loading 
of concrete bridge decks is especially compelling if "any other code revisions 
result in reduced deck thickness or reinforcing steel percentage. The generally 
more conservative dynamic load allowances of the new Ontario Bridge Code 
appear to reflect the increase in dynamic live load increments to be expected 
in connection with relaxed deflection limitations as has been pointed out by 
_ The following may be considered long-range research goals for the improve ies c 
_of specifications relating to dynamic allowance for traffic loading. _ 
Oe 1. Further refinement and differentiation of the dynamic allowance for pon ‘ 
highway bridge types and structural members in associated nomographs 
wo The identification of acceptable rational procedures for dynamic live load 
4 analysis i in lieu of the use of specified dynamic allowances. 
_ 3. Improved provisions for dynamic load allowances on pedestrian overpasses 
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‘There is that the braking force which can be applied 
by one vehicle is at least equal to the weight of the vehicle (see Ref. 5. 1). 
It is arguable that the design truck” may not be able to exert 100% friction — : 
_ when braking because of jack-knifing or other restraints, but it must also be 
remembered that many jurisdictions permit vehicles heavier than the 72,000. 
Ib of an AASHTO HS820 truck, so 100% of the design truck could be less 
than 100% of the legal or overloaded truck. 
is unlikely that a large number of vehicles will all be exerting the maximo 


“must: be made when considering 1 more e than one e vehicle. The recommended | 
a loading is a Compromise between all these considerations but it must be emphasized 
: that it is based on ‘‘common sense’’ rather than on any firm data available — 

_ It is interesting to note that the longitudinal load required by AASHTO = 


1.2.13 of Ref. 3.1), which is 5% of lane loading, is far less than the longitudinal 
load required by many other codes. A few braking load requirements for one 
1. AASHTO: 5% of lane load which is 900 Ib plus 32 lb/ft for HS20 (1.2. 13 
2. British: 45,000 plus 550 Ib/ft to a maximum of 157, 000 Ib, but not 
Zz . Canadian: 100% of vehicle load which i is 81, 000 Ib for MS200 loading, 
101, 000 Ib for MS250 (with 5% of the lane load in other lanes) (5.1.13 of Ref. 
_ 4. French: 100% of the design vehicle of 30 tons (66,000 Ib) or 1/(20 + 
0.0035 S) of the lane load in which S = the loaded surface, in square meters 
b a: 5. Ontario: 15% of the design truck of 700 kN or 12% of the lane load (which — 
_ varies with the class of road) whichever is greater [15% of 4 KN is 23, 600 
a Summarizing these loadings gives minimum booking: forces for one lane 100 
2. British: 100,000 Ib forHA. ot dood 
is. 
4. French: 66,000 lb for Type B. bee 
Ontario: 23,600 Ib for OHBD truck, 
it should be noted that some of these loads are applied in combinations of | 
loading which allow an increase in stress. 
Individual tr trucks cause the major fatigue loading on highway bridges (6.1,6.2, — 
«66. > Cars do not | weigh enough to cause significant stresses. At most locations | 


6 


| 
| 
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highway the trucks are rarely, if ever, wanes closely enough to ” epresented 
as a uniform lane loading. Therefore, lane loading need not be considered +f 
fatigue design unless the bridge is at a location where unusual conditions cause 
abnormally close truck spacings to occur fairly often. As used herein, the term 
car includes panel, pickup, and two-axie / four- wheel trucks, and the term truck 
includes buses and all other trucks. Dive phone 
The basic information required to define the fatigue loading is the number a 
a trucks of different weights that pass across the bridge in a given time interval. _ 
This information is generally provided in the form of: (1) The volume of truck: 
traffic (usually the annual average daily truck traffic, AADTT); and (2) the 
weight distribution of the truck traffic (percentage of trucks of different weights). 7 
it Furthermore, a given weight distribution of truck traffic can be conveniently — 
represented by a ‘‘fatigue design truck’’ with a gross weight selected so that | 
: a given number of passages of this truck would cause the same fatigue damage 
as the same number of passages of trucks of different weights in the traffic. ¥ 
The gross weight of the fatigue design truck can be calculated from a histogram — 
_of truck weights (6.3) by Eq. 6. toe 
7 _ The recommendations require that each lane of bridges on two-lane highways —- 
~ be designed for the total traffic in both directions, and that each lane of bridges 
on multilane highways be designed for the total traffic in all lanes in one direction. 
_ In both cases this is conservative because only part of the traffic actually travels 
. in the lane under consideration. The rest travels in the adjacent lane (or lanes) 7 
_and has a smaller effect than it would have had if it had traveled in the lane 


7 under consideration. On a two-lane highway, about 50% of the total truck traffic _ 
travels in each lane. On a four-lane highway, about 80%-95% of the truck Pe 
traffic in one direction travels in the shoulder lane. 
_ Recommended design truck volumes per lane are given for use when better — 
information i is not available. These values were derived from yeas results of 


traffic. For only two valees. are re given, i.e., one e for rural highways 
and the other for urban highways. Each applies to highways with any number 7 ’ 
of lanes. Annual average daily traffic, (AADT) values corresponding to these 7 
design values can be calculated by assuming that 20% of the traffic on rural 
and (10% of | the traffic on urban highways | are trucks. In these 
calculations, the design truck volume is assumed to represent the total traffic 
in both directions for bridges on multilane highways. Thus, the AADT (total 
- in both directions) corresponding to the recommended design truck volumes | 
- are 4,000 and 16,000 for two-lane and four-lane rural highways, respectively, _ 
and 12,000, 48,000, 72,000, and 96, 000 for two-lane, , four-lane, six-lane, and 
os A comparison with the traffic survey results (6.4,6.5) shows that these AADT | 
_ values represent very heavy traffic. For most of the aforementioned highway 
categories, they were exceeded at considerably less than 10% of the traffic- — 
a For two-lane highways, the AADT values corresponding to the design © 
truck volumes are one fourth, Father than one half, for four- sane ine highways. 


7 
f 
| | 
/ lane under consideration is more conservative than the assumption that all traffic — a 


¢ 


so on lower design prontrretre are permissible for two-lane highways. Third, 
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_ the simplicity of a single design volume per lane for highways with different 
i of lanes could only be achieved at some sacrifice in consistency. 

Typical Gatributions from ‘nationwide surveys” (6.6,6.7,6.8) « of 


7 
| 


“ae 


when and rural truck traffic are given in Figs. 7 and 9. The « curve of the 


1970 combined urban and rural truck traffic (6.8) includes only trucks with | 4 


Bross: weights exceeding | 20 kips. The other ¢ curves 6, 6. 7?) include all trucks 


“of the weight distributions i in . Figs. 8 and 9% were calculated by Eq. 6. | and | are So 
presented as the first set of data in Table 2, Gross weights for ee 3 


5.—Gross of Fatigue Trucks ain sitions of 


Reference —Highwa type Date 


Combined 
be Rural interstate “gat 


"Metropolitan 
pe 


Ruralinterstate 
Rural 
Rural interstate 


value we of $0 kips as a representation of the 
A small percentage of the trucks are spaced closely enough so that the stress ' 
cycle caused by one is significantly increased by the presence of another (6.10). 
The small effect of these interactions can be neglected since it is counteracted - 
by the conservative assumption that all truck traffic travels in the lane under 
The recommended fatigue loadings are intended for use in cote 
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distribution and impact factors must be used. The number of : raed yr stress mae 
caused by the passage of a truck across the bridge must be accurately assessed. 
Usually, but not always, it is one (6.1,6.2). Since Eq. 6.1 accounts for the 
_ Variation in truck weights, the calculated stress cycles can be related to a 

- constant-amplitude SN curve. It is intended that such a design SN curve represents 
a reasonable lower bound, such as the lower 95% confidence limit, for the 
- appropriate fatigue data. The approach of using a fatigue-design vehicle with ; 
“its weight calculated by Eq. 6.1 to represent traffic loading could be applied | 4 


Vehicle Loads” describes various ‘types of transportation 
vehicles that can be placed on bridge structures other than the standard design. 
truck outlined in AASHTO (Ref.3.1), 
Bridge structure live loads resulting from ‘“Unusual Vehicle Loads’ encompass: 
a i" the following modes of transportation: (dl) Railroads; - 2) aircraft; (3) mining 7 
and‘ ‘off-road”” vehicles; (4) light rail transit; (5) other transit systems; (6) military; » 
C7.1 Railroads.—The basic ite live load engine for structures is the Denes 4 
4 E80 which has a maximum individual axle load of 356 kN (80,000 lb) with 
 atotal engine weight of 2,525 kN (586,000 Ib). Engine configuration and axle-load 4 
_ arrangement for a ‘Cooper | E7 engine is defined in the AREA manual. Diesel _ 
engine locomotive units currently i in use weigh 1,735 kN (390,000 Ib) with individual 
- loads reaching 289 kN (65,000 Ib). For special use rail roads such as narrow * 
gage lines, structures would be designed for the specific equipment being used. — 
The present trend of using heavier freight cars and unit trains has introduced 
_ additional aspects t to the design of railroad structures. Individual axle loads 
for freight cars can ‘reach 356 KN (80,000 Ib), which ‘equals an E80 design 
- engine axle load. Axle loads for most unit train freight cars reach 289 kN — 


~ 1870 kN (420,000#) 1870 KN (420,000) 


- 1245 KN 1245 KN 0004) 
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= 50 000 Ib), which equals the individual axle loads for diesel- -engine 2 locomotives. 
Variations between design locomotives, and presently used railroad equipment 
Although the weight and configuration of the Cooper E80 engine do not represent — 
equipment in in use, they do give a known 
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and Rio Grande Western Railroad; Narrow 


a Expanding oy about the fatigue limitations of materials indicates that 
the of railroad st structure elements should consideration ‘for fatigue 


4 train, in n addition to stresses » generated by the Cooper E80 design engine. ile | 
7 Projection of the size and traffic intensity of railroad equipment passing over 


yo structures would be obtained from the railroad owner and equipment 
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‘a, Lockheed CSA) currently weigh around 3,559 kN (800,000 Ib). Projection — 
fut future aircraft Taft weights aircraft estimate gross vehicl vehicle wei 


ights 


(7.2. Aircraft.—Design live loads for airport structures are based on the gross sf 
a weight of aircraft to be utilizing the facility. The heaviest aircraft in use (Boeing | 
iy 
= q 
| 
f 
ms AMEA specifications | » 
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| = = ws 
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is less than the | maximum take off weight. The weight of these aircraft during 
is about 75% of the aircraft weight for and take 
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FIG. 15. —Leckheed C-5A Galaxy 


could be controlled by the nose “gear of a which may have 
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FIG. 16.—BAC/SNIAS Concorde a 
- _ The design of most structure elements is controlled by the main landing gear 
| 


of present and projected aircraft are presented in advisory circulars issued by 
_ the Federal Aviation Administration. Additional information is also ‘available 
ie from the aircraft manufacturers. Typical aircraft weights and landing gear - 
configurations are shown in Figs. 13 through 18. a 
The maximum design live load (loaded aircraft taxiing s for take off) is determined 
by the level of aircraft service planned for the airport operation. Application 
_ of the design aircraft live loads to the bridge structure elements must be determined > 
by the design engineer. Use of criteria from AASHTO ) and AREA specifications 7 
can aid the engineer in providing a design procedure and material design stresses 
that meet the needs of the airport owner and the Federal Aviation Administration 
- C7.3 Mining and Off-Road Vehicles.—Live loads imposed on structures for > 
mine haul roads” result from vehicles that ¢ can have ‘@ gross weight of 3 3, 780 


has 
| 5,406 KG | 10.85 


pivor POINT 
{APPROX 


a 
init if jet 
‘must be determined from individual judgment of the 
criteria from the AASHTO and AREA specifications c can aid the engineer ‘in 
_ establishing allowable material stresses. The design structure should include 
evaluations of the dynamic structural response for the bridge due to apptention 
| of large live loads that are much greater than the structure dead load. 
Due to the intensity of large live-load applications over the life of the structure, 
a attention must be given to the fatigue life of each structure component. ‘‘Impact’’ 
values for live loads need to be evaluated for consideration of speed, road 
maintenance, roadway alignment, etc yet od) bo 
_ Data for the design vehicles’ weights and wheel configuration can be obtained — 
: from the equipment manufacturer and from Bureau of Mines publication, ‘‘Mine 
Haul Road Design—A Manual,”’ and “Surface Mine Haulage Road Design a 
Study.’’ Examples of typical vehicles are shown in Figs. 19 and 20. 
= C7. 4 Light Rail Transit.—Basic live loads applied to structures corporis 
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variety of transit 
size and configurations are available from Buropesn, and United States 


manufacturers. Vehicle design information for the particular vehicles to be used 
in a system would have to come from the vehicle manufacturer selected by © 
.-. owner. Transit vehicles currently in use can weigh around 400 kN (90,000 
Ib). Examples of transit vehicles are shown in Fig. 21. 
Criteria for application of design loads to the structure members must be =—s J 
_ determined by the engineer. Use of the AREA manual would reduce the need zg 
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FIG. 18.- —Typical | Gear Configurations for Design of ae ra 


by the engineer and owner to reinvent criteria and specifications for structures | 
that support transit vehicles using steel wheels on fixed rails. 

; tt For a facility that is designed primarily to convey passengers, the dynamic | 

response of the structure design live loads with regard to passenger comfort — 
should be thoroughly evaluated. wide 


_ C7.5 Other Transit Systems. .—Transit systems that utilize fixed guideways 


may require either rubber tires or air cushions | to transmit vehicle loads : 


| 
| 
= 
; 4 manufacturers of the selected vehicles. Sample designs of steel support structures 
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Operator's Height Above Ground 
‘Height of Vehicle empty) 
Width of Vehicle 


‘Wheel Track - Front 

Wheel Track Rear 
Vehicle Weight 
Gross Vehicle Weight (ibs.) 
Service Brake Area 


Gross Engine Horsepower 
Turning Circle Clearance 
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Wheel Gase - Front wheel ae 
rive wheel 
> heel Gase Drive wheel to 
wheel 
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Length 
Operator's Height above Ground 
Height of Venicle (Empty) © 
Width of Vehicle 

Wheel Track - Front® 
Wheel Track - Orive® 
Wheel Track Tri 3 


Ergire Horsepower * 
Turning Circle Clearance® 


‘Transmission Data not available 
* Sufficient data rot available 
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FIG. 20. pa i as Dump Off- Highway T Trucks: Greater than 400,000 Ib | (3 veil) 
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Groas Vehicle Weight (ips.) 470,000 ($08,200 892,083 
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_ ‘for these types of vehicles is presented in an American iron and Steel Institute — 
AISI publication, “Steel Structures for Mass Transit.’ ’ Design vehicles from 7 
this publication are shown in Figs. 22 through 23. Criteria for design load 
application and allowable material stresses can be obtained from AASHTO and > 


& C7.6 Military.—Design live loads for various military vehicles can range up 


; can be found i in the Department of the yd Technical Manual, **Military Fixed nt 
Bridges.’’ Sizes and weights of these military vehicles are shown in Fig. 24. 
Design criteria for load application and materials stresses are included in the - 
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—European Light-Rail Tram Vehicles 


temporary or permanent structures can vary widely. Size and type of equipment 
to use the structures would be obtained from the manufacturer of vehicles 
13 be used on a project. Sample configuration 1 of ¢ construction vehicles are shown 
in Fig. 25. Criteria for application of the live loads to the structure would 
be determined by the engineer. Use of AREA and AASHTO criteria as a reference 
could be used to establish allowable material stresses for structure design or 
a _ The size of live loads relative to the structure dead load indicates that structure — 
_ dynamic response, impact factors, and structure material properties should receive a 
detailed considerations in establishment of the design performance criteria. 
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General.—fror short to medium span bridges the magnitude Of a live 
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ak RECOMMENDED DESIGN LOADS 

sa load ‘effect can be much larger than the dead load effects. Because the — 


_ loads are a major portion of the total design value, the effect of a conservative — 
or inadequate im impact value applied to the live | load can easily result in a a structure 


A short bibliography is given in Refs. 7.1-7.12. The Committee would like 
to thank David V. Hughes for his contribution to this commentary. 
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30°-0" 


= 
Weight: on (loaded) 4.5 kips g Rates: ps, 


Chassis 5.5 ki Li kp = 528 kips/ft 
5.5 kips 


Total 
Spring Rates: “4 50 kips/ft 
kp = 500 kips/ft 
Damping Rate: B = kip—sec/ft 

Radius of Gyration of 8 Body: r= 3.125ft 
Heave Natural Frequency: fy = 
Pitch Netural fp = 3.0 Hz 


sity of live load (impact) due to: 


: 
Radius of Gyration of Body: r= 8.22 ft td 
‘ Pitch Natural Frequency: fp" 
FIG. 22. — ion Vehicles 
Recommendations.—To provide bridge engineers with more precise design 
a live load plus impact information, additional research into the following areas 
_ 1. Amount of momentary increase in in 
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‘Damping Rete: B = 10.9 
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Pitch Natural fp = 245 Hz 


Maximum Velocity = 150 mph 
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4 7 FIG. 23.— Typical Air- Cushion | Vehicle ha 
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(ld) Velocity; (2) and vertical on structure; 

: = or braking; (4) roughness of deck surface or rail; and (5) dynamic _ » 

2. Distribution pattern of concentrated live loads to individual structure = 
members in the bridge structure. 


= 620 k 


5.9 


bom 


aia FIG. 25. —Typical | Construction Vehicles, voued 
3. Definition of live loads t to to a load on 


4 "Criteria for a full- -scale bridge test 

C8.1 Derivation of Wind ‘Load Formula. ~The wind force per foot 

‘in which. = air density = 0.00238 slug /ft; and Vv = wind "speed, it in feet 


‘per second. 


4 


Flatt, irst, the important case of smooth terrain is considered. The velocity > 
& assumed to be the maximum gust velocity reduced slightly to account for i: 
the lack of coherence of wind gusts over the length of the bridge. In smooth 
terrain at the 30 ft height the maximum gust speed is on average 1.6 times 
the mean hourly wind speed. To account for the incoherence of gusts this __ 
factor is reduced to the commonly used value V 2 = 1.41. At heights above a 

30 ft the gust speed is assumed to increase with et according to the ghee 
power law and at heights below 30 ft 
ft val = 


2 Thus, the value of V is given ne 


in which z = height or 30 ft, is 
= hourly wind speed at the 30 ft height. Since United States wind records : 
are in the form of the fastest mile of wind it is necessary to relate V,,,, to | 
the fastest mile wind, Vio at 30 ft. The relation is assumed to ail ae 


The factor 0.80 is derived from Durst’s analysis (Ref. 8. 1) and is s the value — 

for V,. = 60 mph. The factor decreases slightly as V,. increases, being 0.76 
at Vv, = 120 mph | according to Durst’s analysis, but the decrease is ignored | 

here for simplicity. Thus, substituting Eq. 8.3 in Eq. 8.2 and then substituting 

— Eq. 8.2 in Eq. . 1, the wind loading is given by the formula W,, = (1/2: x 
0.00238 x 2 x (z/30)°? x 0. 8° x Vi, x C, = 0.000772 z°* V3, C, in which © 

is in feet per second. When Vio is in miles hour ¢ the forr formula | 


é = 0. 00166 z° C, or in in round and numbers, 


is expression given in 6.1.1. 
_ Considering rough or built } up terrain, the maximum unlike 
the mean hourly velocity, is ‘relatively insensitive to terrain (Ref. 8.2). Thus, 
Eq. 8.4 is assumed to apply to all terrain conditions. 
_ The values 1.5 and 2.3 for C, in Section 8.1.1 give wind loads of 49 Ib/sq_ 
ft and 76 lb/sq ft, respectively, at V,, = 100 mph and z = 30 ft. These values | 
are close to the existing AASHTO specifications which are for a nominal value 
but for other values of and z the loads calculated 


the bridge at high wind ae . Some reduction in the assumed wind load on 

the bridge superstructure is also warranted when considering the combination © 
Of live load and wind load. This falls into the realm of load combinations which | 
was outside the scope of the present work. However, it would be “logical to 


reduce V,, to 55 mph for the superstructure also when considering the case 


with live load present. dum, 
Gad 


| 

— 

| 

— 

| 

+} 

. | ‘When calculating the wind load on the live load, the wind speed V ,, is reduced of 


—6C8.2 Wino Errects on Som Banos rors 

g Long-span bridges, particularly cable-sta cable- -stayed and suspension types, are under 
flexible enough to require design attention to their dynamic responses “under 
wind. Some pedestrian, pipe, conveyor, and sign bridges may also fall imo 
this category. Bridges of this type, therefore, should be subjected, during design, _ 4 

a to investigations assuring that the usual wind-associated aeroelastic wr ee 

‘The most common wind-induced problems of bluff-section bridge decks are 
vibrations induced by vortex shedding, flutter, and the action of wind gustiness. 
In addition, there may exist similar problems in individual structural members | 

_ or in free-standing towers or other portions during erection. The accretion of | 
ice and snow or the proximity of the water level to the bridge may alter ie 

_ aerodynamic characteristics. Suggested 1 methods for Cus with such problems 


will be outlined in what f follows. 
C8. 2.2 + Jsbom aoita 92 
‘Vortex Shedding. —Wind blowing across a bluff bridge deck or structural 
= will shed vortices in its wake. Associated with such vortex shedding — 
are alternating forces upon the structure; this may set it into a limited amplitude 
oscillation if the frequency of vortex shedding approaches a natural frequency 
of the structure. The provisions of Section 8.4 cover the design of structural & 
_ For the deck section itself, the critical velocity is again given by the expression — 
in Section 8.4 except that the dimension 5 is in this case the vertical depth — 
7 of the deck structure. Unless wind-tunnel data already exist for the deck section 
shape, the Strouhal number and the amplitude of the vertical or torsional motion 
should be determined by wind tunnel tests. In general, cross sections should 
be aimed for that have no vortex excitation. However, there is evidence (8.3) 
suggesting that provided vibration does not result in accelerations exceeding = | 


iu 5% of gravitational acceleration at wind speeds below 30 mph or r 10% of 
gravitational acceleration at speeds above 30 mph, the design is generally 
Flutter.—It is important that the bridge be free of flutter throughout 
- crosswind velocities up to the highest expected at the site because very al 
amplitude oscillations of the structure can occur. Flutter is a self-excited oscillation 
of the bridge—usually at elevated wind velocities—caused by interaction between | 
bridge motion (mainly torsional) and the wind stream crossing the bridge. The 
mwa) defense against flutter to date has been through wind tunnel investigation. 7 
The various testing methods are considered in a subsequent section. The chief of 
assurances against the occurrence of flutter are twofold: (1) Aerodynamic; and 
- (2) structural, i.e. » Proper deck section form on the one hand and torsional 
_ In general, factors other than aerodynamics tend to determine the initial deck 
_ shape, these latter effects receiving secondary consideration in the first stages ' 
of bridge design. Following the establishment of these lines, achievement of 


optimal aerodynamic form through acceptable modifications must be considered, 


| | 


& objective criterion being aerodynamic stability. Ref. 8.4 depicts some typical 


bridge deck sections with comments on their stability characteristics. ‘Ref. 8.5 
_ Buffeting.- —The bridge must exhibit adequate , performance as regards response 
to gusty wind. Bridges having an adequate margin of safety against flutter may 
still be buffetted to a degree causing user discomfort or structural distress = 


fatigue; a given design should be satisfactory against excessive excursions 
produced by wind gusts. Bridge response to buffeting may be estimated (8.5,8.6, 
8.7, and 8.8), given certain basic experimental data obtainable from a wind- onl 
sectional model. More reliable results can be obtained by combining theoretical 
: _methods with data from taut-strip or full aeroelastic wind-tunnel models in a 
simulated gusty wind (8.9,8.10). The different kinds of model are described 
in the following section. sre ant ale 
4 Section Models. —Wind-tunnel investigations have most frequently been based - 
on the section model. Refs. 8.12, 8.13, 8.14, and 8.15 depict representative 
id means of section model testing. Briefly, the section model is a geometrically é 
scaled, rigid model of a portion of the suspended bridge deck, elastically supported " 
: to permit vertical and torsional degrees of freedom and tested under famines 
‘i flow conditions. The ratio A, of model size to full-scale structure size may 
typically range from 1 / 100-1 / ‘10 depending on the size of the full-scale structure 4 
and the wind tunnel. The ratio A, of model wind velocity to full-scale wind — 
velocity is, within limits, at the choice of the test engineer but will typically — 7 
lie in the range 1:2-1:10. Finally, the frequency scale \, must be maintained 
- equal to A,/A, for correct similitude. Usually the model average density is — 
kept the same as that of the prototype structure and its moment of inertia — 
_ The springs used for suspension are tuned so that the lowest bending and 
torsion modes of the prototype bridge are duplicated. On some models the 
- damping can be genet to the required \ value and on others it is simply kept _ 
_ The model, in Seenianat flow, is basically studied to detect susceptibility of 
the deck section form to vortex excitation and to flutter. If susceptibility is 
detected, modifications of shape aimed at improving the response are relatively 
easy to implement and test onthe model. oh isy 
» The conventional : ‘section model test is the simplest and is well suited for 
_ exploring modifications. Its peaplargritagt are that the influence of wind gustiness _ 


Taut-Strip Models. —The taut-strip model (8.17,8. 18) enables r many ‘of the effects q 
of wind gustiness to be observed in the wind tunnel. The simulation of the 
ot cerernate) ‘turbulence”’ in wind tunnel parlance) itself is now a well established 

technique described in Refs. 8.19, 8.20,8.21,and8.22, = 

a taut-strip model consists of a geometrically scaled model (typical scale 


, in the range 1 / 100-1 /300) mounted in segments on a pair of stretched wires 


| 
a 

i 

accumulated in recent years showing the conventional sectional model usually __ 
i | 


"RECOMMENDED DESIGN | LOADS 
spanning the wind tunnel. The velocity scale is, as with the section mode 


at the choice of those conducting the investigation. +The model may be os 


the model also provides valuable data on n buffeting perder be used as input 

to theory for predicting the full scale buffeting response. __ - 
_ Full Aeroelastic Models.—When resources are available, a complete, d éynemi- 
aly similar aeroelastic model of the bridge may be constructed and wind ood } 


at various states of bridge construction c can be ‘studied. _ The | model | can also - 
serve as a check on natural frequency calculations. 

_ Typical model scales are in the range A, = 1/ 100-1/: 500 and the ve velocity 

scale is usually equal to V x1: The full model offers a comprehensive treatment 

of wind problems and the extrapolation of the model data to ‘full scale requires, 


in | principle, very little airs! — Refs. 8.9, 8. 12, and 8.23 deal with 
fullemodeltesting, 


7. In preparing the present ‘document use was made of well | established etilitee 
knowledge, it being beyond the scope of the work to enter into any extensive 7 
new investigations. It was evident that there are some significant aspects of = 

_ wind loading which, while not immediately amenable to codification at present, 

7 ‘might well be so in the future with a moderate amount t of ad additional ant evenipasion 

and synthesis of the available data. They are as follows. 

_Unbalance Loading.—For some structures, such as a double cantilever bridge, 

the most critical loading case may be when the wind force is reduced over 

_ one part of the span, rather than the force being evenly distributed over the 

whole span. ‘Guidelines for this case would be useful. 
_ Criteria for Necessity of Wind-Tunnel Test. —In Section 8.3 of the Recommen- - 

_ dations and Section 8.2 of this < commentary, attention is drawn to the possibility — ; 
of wind induced vibration of flexible bridges and to the use of wind-tunnel i 

‘models as a means of avoiding this phenomenon. Criteria would be useful to - 

3 give guidance as to when a wind-tunnel test is necessary. The criteria could 
be expressed in terms of the cross-sectional shape, the reduced frequency, 

_ Fees and other parameters related to the damping and inertia of the structure. 
Some consideration should also be given to the method of testing that — oe 

_ Buffeting Loads.—Although the full calculation of the dynamic forces due 
to buffeting of a long span bridge is complex, it appears that it might be possible a 
for certain bridge components, e. g., the substructure, to simplify the calculation ‘a 
_ sufficiently for it to be. usefully included in a code. Such ac calculation would 
automatically include the effect of unbalanced loading. 
Skew Angle Factors.—A re-examination of the basis for the skew- -angle factors” 


Table 2 appears warranted. It is possible that the distinction between truss 


4 and girder spans is unnecessarily 
Special Purpose Bridges.—An investigation of the wind-load problems peculiar» 
a to special purpose bridges such as pedestrian, conveyor, pipeline, and sign bridges 2 


| 


_ The San Fernando earthquake in 1971 represented a major turning aden. in 
the development of earthquake design criteria for bridges in the United | States. 
Before 1971 the nationwide specifications (AASHTO) for earthquake design 
consisted of an equivalent lateral force of up to 6% of gravity. In 1973 the ; 

_ California Department of Transportation introduced improved earthquake design ~ 
criteria based on the San Fernando experience. These criteria considered the 
relationship of the bridge to active faults, the effects of the soils at the site, — 

_ and the dynamic characteristics of the bridge. The California criteria were then — 
slightly modified by AASHTO for national use and adopted i in 1975 as an Interim 
_—_ Specification. This specification was still in use in 1979. By 1977 the 
Federal Highway Administration (FHWA) felt it was appropriate that a state-of- 
& -art assessment be made of the current AASHTO specification and earthquake 4 
‘resistant design of bridges in general. In June 1977 the FHWA funded a program 
developed by the . Applied Technology Council (ATC) to: >: (1) Evaluate current 
criteria used for earthquake design of highway bridges; (2) review recent ¥ 
earthquake research tindings for design potential and applicability for new — 

. specifications; (3) develop recommended new and improved earthquake design 

criteria for highway bridges; and (4) evaluate the impact of the improved criteria. y. 
and modify as appropriate. This summary addresses ATC-6 -6 effort 
the time of writing (December 1979). | 

_ Itwas considered essential to the ATC-6 project to have representative segments 
_ of the bridge design and construction profession involved directly in the project. 
_ A project engineering panel was assembled composed of: Four AASHTO (State) © 
"representatives (California, Idaho, New York, and Oklahoma); (2) four private 
design firms (California, New York, Pennsylvania); (3) three 
‘sere (California, Illinois, and New Jersey); (4) two FHWA representatives; = 
(5) one ATC board member; and (6) two ATC staff members. | 
Select tand | organize the project engineering panel, review current 
design. criteria, and review w current research findings. 
2. Develop preliminary earthquake criteria for bridges and select bridges for 
3. Implement bridge redesign studies, review bridge. redesign reports, 
= present proposed c criteria to four AASHTO 


_ Atthe time of writing , (December 1979) the ATC project is is involved in Phase 3. ce 


_ The primary basic design philosophy for the earthquake design criteria is 


ar survive an earthquake without collapse with pale bridges remaining g function-— i 
al. The principles used for the development of the provisions for all regions — 

of the United Statesare Se 

Small to moderate earthquakes should be the elastic range 

2. Realistic Seismic ground motion intensities ‘Should be used in the design 
8. Exposure to shaking large earthquakes. should not cause collapse 

of all or part of the bridge. Where possible, damage that does occur should * 

readily detectable and accessible for inspection and repair. 

_ There are currently two 0 different i approaches that satisfy the aforementioned — 
principles. These are the New Zealand and the Caltrans’ approaches. In the 
New Zealand approach, the bridge is designed elastically so that it can resist 
small to moderate earthquakes in the elastic range without damage. The New | 
_ Zealand criteria accept the philosophy that it is not economical to design a 
tlie to remain elastic against a large earthquake, therefore, flexural plastic — 
hinging in columns is acceptable damage. Damage to foundations, however, 
is not considered acceptable. To achieve this, the New Zealand criteria require | 
the determination of all plastic hinges forming in the columns. These ll 
moments are then considered as primary loads for distribution to the members 


are then checked or redesigned elastically for these forces. The intent of the 


15% | increase is to ensure that no significant failure occurs in the foundations — 
or other parts of the bridge. 
In the Caltrans approach, the base shear and member forces are determined 
‘ from an elastic design response spectrum for a maximum credible earthquake. 
The design forces are then determined on a component basis by dividing a ay 
_ reduction factor, Z. For hinge restrainers and shear keys, the Z factor is 1.0 
— and 0.8, ‘respectively, and they are therefore designed for near the expected — 
- elastic forces resulting from a large earthquake. Well-confined ductile columns 7 
are designed for lower forces as Z varies from 4-8. This assumes that the a 
columns can deform plastically when the seismic forces exceed the design force. 
The methodology used in the preliminary version of the _ATC- 6 criteria is # 


similar to the Caltrans approach in that the component forces are determined 
from an elastic design response spectra and then member design forces are 
_ determined by dividing the elastic forces by an appropriate response modification 


609.4 4 ATC-6 Preu 6 PREUMINARY 


_ The design procedure is outlined as follows. ; 


Determine the effective peak acceleration coefficient A, for the bridge — 

se Maps have been prepared in both county by county form as wellas contour _ 
versions to determine these coefficients. The oe work in developing the 


bridge hece forces are Then incresaced and The mem ihe q 
| 
| 
| 
| 
| 
| 
| 


ian 
‘The lateral porn force | elastic ‘Spectra and coefficients are defined from 
3. Determine the seismic performance category (SPC) for the bridge. The 
> ‘SPC is a function of the bridge site map area and its importance. ~The SPC 
governs the complexity of the analysis procedures and other design requirements 
Four SPCs are defined in order of increasing complexity (A through D), e.g., 
the design procedure for SPC A bridges requires no analysis but specifies certain 
- minimum design requirements, while a complex SPC D bridge would be required | 
to be analyzed by a multimodal spectral method. 
m Determine the elastic component forces and displacements using ther required 
procedure and the elastic design spectra or coefficient. cts 
5. Determine the design forces for the components by dividing the clastic 
forces obtained in step 4 by the appropriate response modification Factor R. q 
a 6. Determine support lengths from either the minimum support length iio 7 
ments or the elastic analysis whichever is greater. The bridge components are A 
then designed for these design ‘forces in combination with other loads such 
3 dead load, live load, temperature, etc. Special provisions are included for /- 
reinforced concrete column design for SPC C and SPC D bridges to ensure 
that the columns have reasonable ductility capacity. 
7. Design foundations for the forces by mechanism 


The ‘Committee appreciates the opportunity ‘to review the draft gral 
s commentary as furnished by the Applied Technology Council. There has 
been a tendency in most parts of the United States to view earthquakes as 
primarily a California problem. However, more than 50,000,000 people in the 
United States are to moderate to major risk outside California. 


that a are re applicable to all regions of the United States. J bai Cer 

“4 _ These criteria represent a significant step toward unified seismic criteria. for 
bridges. With the diverse input and feedback the draft version is receiving, — 
the final version should be the definitive d document for seismic resistant bridge - 


0.1 Commentary. —Uncertainties ies regarding 


to other stresses, ‘aa movements of superstructures are just a few of the major _ 
concerns of bridge designers in dealing with thermal effects on bridges. Despite 

{ these concerns, studies of thermal effects on bridges are, at best, inconclusive. 
In February 1960, the need for more research on thermal behavior of bridges ; 
was pointed out in Engineering News Record. The suggested areas of improvement - 
4 of thermal effects in bridge behavior were: (1) Safe and economical design 


instead of over or ‘under design for thermal effects; (2) consideration of both — 


| 


to control the des sign; n; (3) determination of either uniform or nonuniform vnmene 

. = distribution for bridge design; and (4) adequate provisions for thermal strains. oS, 
_ Since 1960 much work has been done in several areas related to thermal a 
effects of bridges. However, suitable and simple design equations in dealing 

with thermal effects: of bridges: are not yet eveyinte in the | current AASHTO 


4 consequence of nonlinear temperature distribution patterns along the deck-girder 
zi depths. In addtion, AASHTO specifications do not provide any provision to 
_ calculate thermal stresses, whereas only temperature ranges are given to properly | a 
ae for longitudinal movements due to expansion or contraction. This is i! 
rue despite the fact ‘that longitudinal movements may not be be very ee" 
in structures that are not rigidly connected to the substructures. 
_ It has been shown that nonlinear temperature gradients developed during a 
 dalty heating or cooling cycle could lead to local thermal and continuity stresses _ 
that are several times the live load induced stresses. This is particularly true 
_in continuous and composite bridge systems. The parameters that have greatest | “| 
influence on ‘thermal stresses are: (1) Air temperature; (2) r radiation; (3) wind 
speed; and (4) thermal properties of materials. | q 
___ Before arriving at simple semiempirical relations for thermal stresses, a number ie 
a temperature distribution patterns have to be considered for thermoelastic a 
analysis of bridge superstructures because local stresses for certain bridge systems — ; 
- could be very sensitive to temperature gradients. In particular, magnitudes of sh 
_ thermal stresses in composite bridges are found to | be greatly influenced by 3 
_ temperature distribution along the depth, internal forces produced by difference - 
in coefficient of expansion of different materials and support conditions. It 
has been shown that Emerson’s one-dimensional heat flow theory can be applied 9 
with reasonable accuracy in calculating , temperature gradients in the ae 


of comprehensive studies on this topic. 


2 Further Investigatio 
Several nonlinear temperature along the depths of girders and 
fe should be studied a as Senetons of cross section | and material Properties, “ie 
3 


%. 2. In continuous and composite bridge structures, additional stresses created — 
;- external restraints must be added to those calculated for a comparable 

unrestrained structure. This should be emphasized through typical exam- 

n in lower girder 

wed) and loss (negative ‘temperature gradient) take | place’ depending upon the 
and winter conditions, respectively. This phenomenon, to stress 


* 


= 
studies aa various bridge configurations a1 are to to generalize 


_ Snow and ice loadings of critical intensity, i.e., of the same order of sindainaihs 

as highway live loadings, may develop on bridges on mountain roads coe 

to heavy snowfall. Areas subject to freezing rain storms may require design 

for additional gravity loads from ice accretion on exposed members. Ice accretion 

can change the aerodynamic characteristics of members such that the canals 

with the ice coating becomes aerodynamically unstable. Snow removal snes per 

on wide bridges : sometimes require stock-piling snow in the outer lanes prior 

final removal. Prolonged winte winter ¢ closure road make snow 
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— GROUND LEVEL AT UPPER dite 
EDGE OF BRIDGE an 


_— impossible for the season. Rain | falling on a deep accumulation of | 


snow may produce critical loading intensity due to the increased density prior 
to melting. These conditions are most likely to be restricted to roads in * 
‘mountainous areas subject to intense snowfall and large seasonal accumulations. 

In most populated areas these conditions are not present to a degree which > 
would produce loadings exceeding highway live loadings. = = 
- Data on total seasonal snowfall and Levens area loads from snow y have an 


to the great variability in mountainous terrain a. 2). In the states 
of Washington and Oregon these studies have been extended to include areas ‘ 
of higher elevation (11.3,11.4). Additional data are sometimes available from 
for river renoff (United States Army 


| 
| 
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similar agencies). These data may be give 


compaction from 6 Ib/ft* (1.0 kN/m’)-30 Ib/ft® (5.0 kN/m’). Lower density 
applies to newly fallen snow. ‘Drifting of snow may cause ¢ critical = 
of snow loading even where the accumulated depth on open ground is not 
_ great. Drifting is influenced by local terrain and structure shape. Any condition — 
which may cause a local eddy or sharp velocity drop in the general wind flow ; 7 
will tend to cause drift accumulation, 
Loadings from snow avalanches are possible in mountainous areas perticulerty 
where structures are used to cross known avalanche paths. Estimates of loadings f 
due to avalanches require detailed study of each site by persons with direct 
experience in this field. Estimates of forces are derived from consideration — 
of dynamic fluid pressures (115,116), 
LS _ An example of provision for a snow load of critical magnitude | % the design 
_ of the Denny Creek Bridge and Viaduct ‘on Interstate 90 in n the state of Washington — 
(11.5,11.6). This structure traverses a ‘steep mountain n slope of the Cascade 
Mountains (see Fig. 26). Maximum annual total snowfall for a 50 yr return 
period is 950 in. (24,000 mm). Early winter or late spring rainfall is common 
at the bridge site elevation of 2,700 ft (820 m). The structure also crosses an 
area subject to avalanches. Construction specifications required design for snow 
load during y construction or p provisions for removal at any time. It was anticipated __ 
that the site might be inaccessible during the winter construction shutdown. 
Excerpts from the construction specifications a the s snow load and 


4 


C11.1 Excerpts from Specifications fer Creek ‘Bridge 


These specifications were included in the bidding documents for this 


project to be used as guidance | for the development of Contractor proposed 
alternate designs. They are e reproduced by courtesy of C. of Cc. Gloyd 


R the \ Washington State Department of Transportation. = 


) 
_ The snow pack at the site shall be considered for the purposes ; of 7 
_ establishing construction methods and schedules. The snow pack shall ne ; 
_ be assumed to reach a depth of 8 ft and to have a density of 50% of 
the weight of water. Provision for this load or provision for snow removal 7 
shall be made for all structure and erection equipment which is to =. 


left on the site over the winter season. 


result of detailed study of local 


consideration be ‘made of the effect of avalanche 


=e Loads mand be as specified in Section 2 of AASHTO or as “modified py 4 


iz equivalent in the accumulated 
. __ Smowpack, accumulated snowpack depths, or loads per unit area for a given 
| 
1 | 
| 
ia 
| 
pplicable at this site only and are 
— 
— 


by t State ate Department of of Highways “B Bridge 
1” except for earthquake loads, and snow loads as following. 
4ft x 8 ft block of snow shall be applied to one shoulder 
-_ side) of the structure as shown. The specific gravity of the snow ‘is 0.5 = 
_ The snow load shall be regarded as a short term dead load and shall 
be treated as a dead load when used in combination with other loads. is 
It shall be used at 90% of maximum when combined with three lanes 
J In addition to the above snow load the structure shall be investigated an 
4 for the maximum depth of snow that the structure can support during 
construction. The snow shall be distributed equally across the structure 


inn 
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ral FIG. 27. Applied to of 
and shall have a specific gravity of 0.5. The maximum depth of snow 
wi that the structure will support shall be stated on the plan. The superstructure 
shall be subjected to an avalanche load of 1,950 psf on the bottom 2. 
ft of superstructure depth for a length of 150 ft of the bridge. This load 
shall | be applied anywhere within the active avalanche area (Lw 207 —e 
50 to the Franklin Falls Bridge). ted ae 


Density 8 lb/ft? (specific gravity = = 0.12 


Wet snow 
Flow depth te 5 


(specific gravity = 0.3) 


The top of design avalanches shall be taken to be 2 ft above the 30 yr 


w level. Avalanche loading shown elsewhere for superstructure will 


t govern inthedesignofshefts. 8 


C12.1 General.—The preceding ice force recommendations have been derived © 
> primarily from the Canadian Standards Assocation’ s “Design of spatial 


| 
| 
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ridges” (12.1). The Soviet Design Standard “Loads on Hydraulic Structures 
due to Waves, Ice and Ships’’ (12.2) was also consulted. The commentary which 
follows is very much abbreviated; however, for a more extensive treatment _ 
_ of the subject of ice effects on bridge see the Guide (12.3) published by the 
Dyn 


4,12.5,12.6). The formula for horizontal ice force 
; q into account structure size, b, ice thickness, h, effective ice strength, o, soeewseall 
 goefficient, C,, and inclination coefficient, C,. The effective ice strength values 
are based more on engineering judgement | than on results which h might be oer 
from uniaxial ‘compression tests. Also, while not explicitly s stated, the values ; 
are for fresh water ice. The corresponding values for sea ice could be lower, — 
7 or higher, depending on the circumstances. ‘The Soviet code gives ice strength © 
values but relates them to ice temperature and salinity. North American experience 
in the Arctic is sufficiently limited to preclude any attempt, at this rg to 
establish code recommendations on ice forces i in the Arctic. bight wl ers 2 a 
a The indentation coefficient, at which i is a function of the aspect ratio (structure ay 
¥- width to ice thickness), is based mainly on model tests, analytical studies, and fe 
: “limited field tests (12.7,12.8,12.9). Conceptually, the indentation coefficient relates i 
the uniaxial compressive strength to the three-dimensional stress state of the 
i in the zone of contact with a vertical structure. cap 
4 The Soviet Design Standard (12.2) applies a shape coefficient which reduces _ 
the effective force on vertical structures. This coefficient has presumably been 
arrived at from analytical and model studies. A force reduction of 10% for 
round piers and 30% for 90° ‘*V”’ piers was indicated. Such a reduction would 
be intuitively expected, however, experience in North America has not yet 
-adva ced to the stage where quantitative u use of s such a factor would be accepted. ae 
Ignoring the factor leads to conservative design values. 
OS nose inclination coefficient, C,, is introduced to allow a modest horizontal — 
- force reduction where the inclination angle is sufficient to vented simple crushing» 
~ failure. This reduction accounts for the complex crushing, bending or shear 
loading, or both, induced in the ice by an inclined structure. The force values 
predicted using C, are conservative compared to those of the Soviet code. There — 
- is a further question of the simultaneous application of the indentation coefficient _ 
and the nose inclination coefficient, particularly for piers with semicircular or 
_wedge shaped noses. Analytical studies (12.10) indicate that an indentation-like 
“coefficient related to the aspect ratio applies in the case of inclined structures. 
“It, however, does not have | the same form as the indentation coefficient for a 
a vertical structure. This is an area which will require more work before code a 
recommendations canbe made, 
‘There is considerable variability ir in ice conditions, i.e., thickness, strength, 
failure mode, elevation of ice run, etc., and while extreme conditions should — 
be considered their simultaneous application is not reasonable. , Probabilistic 
analysis, which provides a more ‘rational means" of determining extreme ice 
forces, is now being applied to certain ice problems (12.11,12.12). DETTE 
4 _ Field measurements have shown oscillatory ice forces to have frequencies 
= in the range of 0.5 Hz-15 Hz. Such forces have led to the failure of steel 
_ piers. ‘Research | is currently being carried out on the 
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_ Currently in North America programs of measuring ice forces on bridge piers 
_ are being carried out in Alberta and Alaska. The measurements in Alberta were — 
- initiated in the late 1960s and are reported periodically (12.7,12.18). In Alaska 
‘the Federal Highway Administration has been supporting a project of ice force 
measurements at the Yukon River bridge since 1977. This work is being carried © 
out by the United States Army Cold Regions Research and Engineering Labora- 
_,* Thermal Ice Forces. —Thermal forces can be > Significant \ where they lead to 
unbalanced loads on a pier, e.g., where a channel of open water exists between | 
a pair of piers in an otherwise ice covered area. Their direction of action is E 
transverse to the longitudinal axis of the pier. The time frame of thermal on is 
is sufficiently long that the viscoplastic behavior of the ice controls the loading. 
i Most ‘Studies of thermal forces have been in relation to dams rather than bridge 4 
7 piers. _ General practice is to apply a design load of the order of 200 KN/m 
. (15 kip/ft) for rigid structures such as dams and 70 kN/m (5 kip/ft) for flexible 4 
structures such as sluice gates (12.14), 
- C12.3 Forces of Ice Jams.—Ice jams present a hazard to both bridge piers 
and superstructures. The hydraulic thrust developed on the jam is transmitted 
_ to the piers and shore. The proportion of the forces taken by the piers is 
- a function of the "Site conditions. An ice jam, by restricting flow, causes the a 
river level to rise and in extreme cases may lift the superstructure off the — 
piers. Wind can also induce significant thrusts on ice jams. Site selection and 
F pier apering are the two main avenues available to the designer in dealing with 
ice jam effects. The determination of behavior and forces due to action of 
ice jams is very complex and i is still an area of extensive research (12.15). at at 
-C12.4 Vertical Ice Forces. —An ice cover 1 adhering to a pier r can develop uplift 
or down-drag forces as a result of water level fluctuations. Reservoir draw-down, | 
winter rainfall, seiches, or storm tides can all cause water level fluctuations. | 
Rate of fluctuation, geometry of pier, adhesion bond between the pier and > 
_ (the ice, and the flexural behavior of the ice cover all influence the magnitude © 
of vertical ice forces. Current research is directed towards laboratory (12.16) 
and field (12.17) measurements of vertical forces as well as techniques to ) reduce 
The subject of force to friction at expansion bearings has 
been of great interest to researchers and much effort has been devoted to the 
_ study of the problem. However, design procedures have not been fully developed — - 
for incorporation in the AASHTO Standard Specifications : for ‘Highway Bridges 
_ Recently, model tests were performed to determine the distribution of longitu- 
| 7 _ dinal force to fixed and expansion bridge bearings, and the results are described ‘ 


_ by McDermott in ‘‘Longitudinal Forces on Bridge Bearings’’ (13.1). The report _ 
considers the experimental variables considered, test program and presents a | 
theory for longitudinal force distribution. However, because of errors in the 
‘system and variability of friction coefficients, an experimentally 
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verified dustin: ‘procedure for distribution of longitudinal force ) 
The magnitude of friction coefficients at sliding type expansion —— 
as s adopted by various State Highway Departments, varies considerably as follows: 
(1) Missouri (13.2); (2) New York (13.3); and (3) Iowa (13.4). These a 
_ friction as 0. 14, 0.1: 15, and 0. 25 of the dead load, ‘respectively, | for steel 


a Associates, ‘Inc. (S&P) on numerous major bridge projects, a majority of — 
the projects used corresponding friction coefficients in the range of 0.20-0. = 
In view of the rather wide range in coefficients used by the several states 
Bi es and of S&Ps experience, an average Static friction coefficient of 0.20 a 


is proposed pending further research | on the : subject. | Furthermore, this r recom- f 


mended friction coefficient value is predicated upon goodn maintenance procedures 
the bearings. If good maintenance are not anticipated, higher 


with dead load only 
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_ SEISMIC RESPONSE OF REINFORCED 


thesr 


It is now well- -recognized that building structures designed to resist intense 
earthquake ground motion should be capable of withstanding ‘substantial inelastic - 
deformation. A knowledge of the expected inelastic deformation during a severe 

“3 earthquake is therefore essential for the proper design of a building structure. 

_ Analytical studies have been carried out by several researchers to obtain — 

q estimates of the inelastic deformations or ductility demands in building frames. a 

7 A difficult part of such studies is the modeling of inelastic material behavior. 

aa _ The elasto-plastic moment curvature relationship has been extensively used (7, 8) 

- because of its mathematical simplicity. Although this model provides a fairly 
good representation of the behavior of structural steel, it fails to take into 

- account strain hardening and the Bauschinger effect. The bilinear hysteretic 
‘model has proved useful in simulating the effect of strain hardening and has 
been used in several studies (2,14). Goel and Jennings (5,10) have used a Ramberg 
Osgood type of model to simulate the Bauschinger effect. 

_ Experimental and theoretical investigations (6,16) have revealed that the 
-post-yield moment--curvature relationship for reinforced concrete sections 
_ Substantially different from that applicable to steel members. Both the elasto- 

plastic and bilinear hysteretic relationships assume that the stiffness of the section S 

= to the initial elastic stiffness as soon as yielding ceases and that = 

‘strength remains unaffected by the magnitude of inelastic deformation or the 
number of load reversals. In reinforced concrete members, even though there 
is no apparent decrease in strength, increasing inelastic deformation causes a 

‘marked decrease in stiffness. Tt is is therefore necessary to investigate what effect | 


‘this « degradation in n stiffness has on the inelastic deformation or ductility demand z 


in a structure subjected to earthquake forces. _ 
The first attempt to study the effect of stiffness degradation was made by 
ae (3) in 1968. He analysed a series of simple single-story shear-type buildings 
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1981 
and compared the ductility requirements in buildings with stiffness degrading 
force-displacement relationship with those in buildings with nondegrading elasto- 
plastic and bilinear relationships. An important conclusion of the study was” 
that, contrary to earlier expectations, stiffness degradation did not have a 
significant influence on the ductility requirements of structures, particularly — 
, } of long period structures representative of tall multistory buildings. However, — 
A short period structures were found to be sensitive to the type of hysteretic — 


a 
_ behavior; stiffness degradation had a detrimental effect on } oe ‘structures and 


were considered infinitely rigid, and onnutaiel that stiffness degradation had 
little influence on the ductility requirements for flexible buildings, but led to 
increased ductility requirements for stiff buildings. In real buildings, inelastic 
va deformations are localized at or near certain sections of the ‘members. ‘If the 
building i is well- -designed, such deformations must take place near the ends of 
the beams, leaving the columns elastic. The localized ductility requirements - 
‘may be larger than the ductility demands computed from the story deflections - 
of shear-type buildings. Realistic estimates of such ductility demands can therefore 
be obtained ed only from more > sophisticated m models of ‘inelastic material saan 
Efforts w were made by si 
for computing the seismic response of reinforced concrete buildings in <a 
_ a@ more realistic model could be used for the moment-rotation relationship _ 
concrete members. Based on a model proposed by Takeda (16), Takeda, Sozen 
and Nielson ( 17) carried out the response analysis of a simple statically revel 
r analytical results with experimental values 
obtained through tests carried out on a Shake tab’>. They found the agreement 
‘ between the calculated and measured results to be satisfactory, 
Otani and Sozen (11) used Takeda’s model for the analysis of a three-story 
_one-bay frame. They compared their analytical results with the results ¢ of a 
test carried out on the shake table and found the correlation satisfactory. hetneieg 
_ _ This paper presents an analytical study of the seismic response of reinforced 
4 - concrete frames in which the beams are considered to be flexible. One objective 
of this study is to examine the effect of stiffness degradation on the ductility | 
demand of such frames. Another more relevant objective from the point of 
view of design is to find a correlation between elastic and inelastic response > 
nalysis is possible only when | 
several simplifying s assumptions are made in ome the frame. In spite of — 
these assumptions, such an analysis is still highly complex and is not suitable 
_ foruse as a design tool. Therefore, even if a qualitative or approximate correlation 
can be found between elastic and inelastic response, a rational design can be 
_ achieved by using the results of an elastic analysis. Similar ‘Studies were carried | 
> . for structural steel frames and the — have been | reported ‘elsewhere ~~ 


It is necessary to have an explicit description of the ground motion history 
My if a time series analysis is to be carried out. Because different records, even 


though of the same intensity, may excite the structure quite ia — 


— 
— 
and Kan (1) extended the investigation to multidegree of freedom 
| 
| 
y 


form of an average earthquake should be ail for the purpose of design. AD 
ground motion that would produce a response spectrum similar to a selected 4 
design: spectrum would be appropriate for this purpose. _ For the purpose of 
‘this study, a spectrum compatible motion with a response spectrum matching 
_ one specified by the United States Atomic Energy Regulatory Commission 
(19) for 5% damping was used. This motion is referred to as the design ground 
‘motion in study. It generated by a progressive modification of the 
aso! Iniog 5 Io Anges jon 
o: od iw anmuloo mom ators 


ban pt 
Design spectrum 


a) 


El-Centro 1940 N-S record using a method proposed by Tsai (18). Fig. 1 compares 
_ the target spectrum and the response spectrum of the compatible ground motion. : 


| 


The moment-curvature curve shown in Fig. 2 is used in deriving the moment- | 
- rotation relationship for a _ concrete member. The curvature diagram consists 
of three linear segments; the first of these represents the behavior of the concrete - 
section up to cracking and the second represents the behavior from cracking - 
up to yield. The third branch represents the post-yield behavior. For given 
cross-sectional properties, the shape of the moment- t-curvature curve can be 
determined by using the principles of mechanics (13). ne 
- From the given moment-curvature diagram, it is possible to calculate the 
end-moment-end-rotation relationship for a beam or a column provided the 
distribution of moments throughout the length of the member is specified. Fig. — 
3 shows a beam subjected to end moments of the same sign but of different _ 
magnitudes. The curvature diagram obtained from the distribution of —!, 
_ is also shown. The e shaded portion in in the diagram represents in inelastic deformation. ‘ 
i By integrating the curvature diagram it is possible to calculate the end rotations. © 4 
__ Itis obvious that the end-moment-rotation relationships will continuously change — 
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with the change in end- moments. An inelastic analysis thus becomes highly 


a 


| Altempts have been made to simplify the foregoing problem by making a 
_ reasonable assumption about the location of the inflection point. The inflection _ 
ie ‘ point is then considered to be stationary at its assumed location. An end-moment- “- 
rotation relationship can thus be derived. This relationship is still | nonlinear 
is represented by a series of straight line segments. 
In this study it is assumed that the inflection point is located at the center #'. 
. ‘a members. Since ail frames analysed are symmetrical and gravity loads are a 


oe not present, the assumption of a stationary inflection point is quite reasonable. - ae 


: In fact, for a symmetrical single bay frame, the inflection point will always: 

‘ be located at the center of the beams. In some of the columns the inflection 

point will not be exactly at the center, but this will not introduce ey ages 
2 errors because most columns will be found wae remain 1 elastic. 


vg the moment- curvature relationship of Fig. 2, and the moment distributions a 


, and the rotations 
5 at an end when the end-moment reaches its value. at cracking, yielding, and J 


Since M., M, and M,. , the moments at cracking, yielding and 
"respectively, are known, “the three | values of end-rotation derived previously 
The complete moment- rotation ‘telationship i is ‘anal to consist t of ‘straight: 
line s segments joining these points and the origin and is shown in Fig. 5. __ te 
The trilinear moment-rotation relationship can be further simplified ‘if the” 
- discontinuity at cracking moment is disregarded. The relationship is then repre- 
sented by two straight line segments, from the “Origin to: the yield point, 
shown by a dashed line on Fig. 5, and the other from the yield point to ‘the ; 


= | 
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FIG. 3. Curvature-Rota Rotation Relationships for 
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_ that there was no significant difference between the results obtained from th 


As stated earlier, not exhibit | the bilinear 
hysteresis relationship representative of the steel members. The behavior in 
the case of reinforced concrete is influcaced by concrete cracking, reinforcing © 
steel yielding and strain hardening, lack of fit of cracked surfaces and the 
Bauschinger effect in steel. The most important characteristic is that the reloading - 

slope for the second and later cycles is not equal to that of the initial branch 
of the primary curve but can be represented by an almost straight line joining 
the unloading point and the maximum point obtained in the earlier cycles. _ 
- Sozen (14) has given a description of the factors influencing the hysteresis 
behavior. Although based on the general principles described by Sozen, hysteresis _ 

‘rules for the repeated cycles of loading become quite complicated if the smaller © 
loops have to be delineated with adequate precision and many different loading — 
conditions have to be accounted for. Takeda, et al. (16) have given a detailed 
= of these rules. Takeda’s — model with a bilinear spline curve 


Nondegrading behavior is modeled by a assuming that during reloading ‘the 


—— 
| frame was obtained with the two alternative hysteretic models, one with a trilinear 


on by 


@ 


al = slope. The corresponding moment-rotation relationship is shown - 


must undergo substantial inelastic deformation without failure. The inelastic — 
_ deformations or the ductility demand should be measured in some manner — 
compared to an acceptable value. The best measure of ductility demand is 
the ‘maximum strain attained. However, in practice, ductility is measured in 
_terms of either a displacement, a curvature or a spring rotation, aca ule 
a In this study, rotational ductility demand is used as a measure of inelastic 
deformation. Referring to Fig. 8, rotational ductility » is defined as the ratio 


of t oa maximum | absolute: Totation to the yield rotation and is given by aiyeike 


6. —Takeda’s Hysteresis Rules 
: : i or a structure to success ully withstand a severe eart quake, the mem vers 
| 


| 
n relation to the cilia loops, 8, represents the rotation at first yield; and 
= the maximum value of rotation attained during the entire history. __ a 


F SINGLE Decree ‘OF Freevom System 


To nature of relationship ta elastic and 
Tesponse of reinforced concrete frames and the effect of stiffness degradation 
7 on ductility demand, the single-story concrete frame shown in Fig. 9(a) was. 
analysed for 25 sec of the design ground motion scaled to represent an earthquake — 
_ = a maximum ground acceleration of 50% “of gravity. The dimensions and 
_ reinforcement details of the beams and columns are indicated in s- 9(). The 


__- properties of reinforcing steel and concrete are: —- 


. Ultimate strength of concrete—4 ksi (28 MPa 


ratio—8. 
S. The ¢ moment curv: curvature diagrams for the beam and the column sections are : 
shown in Fig. 9(c). The moment-curvature relationship for the column section | a 
. 7 is for an axial load in the column of 20.7 kip (92 KN). For simplicity the change — > 
in the moment-curvature relationship due to varying axial load during earthquake = 
vibration was ignored. The effective moments of inertia of the beam and column 
sections shown in Fig. 9(a) were derived by first obtaining the trilinear moment- : 
rotation curve and then adjusting the slope of its first branch as shown by | 
‘the dashed line in Fig. 5. tent 


1 mass of the frame was to give different values of the a 


~~ 5% of the critical. To test the 5 tides of the assumption made in some 
— codes (4) that the elastic to inelastic seismic force ratio was close to the ductility 
demand, and assuming that a ductility factor of 4 was reasonable, the yield 
‘Strength: of each member was set at one fourth the | maximum moment obtained 
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; FG. 9.—Single-Story Reinforced Concrete Frame; 1 in. = 25.40 mm; 1 ft = 0.305 
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- out, first with a sealtnaiien hysteresis model and then with a degrading 
- hysteresis model. The results of the analyses are presented in the following — 

_ Figs. 10(a) and 10(b) compare the deflection and rotation ductility requirements — 

: for the degrading and nondegrading systems. In nondegrading systems, the — 

_ deflection ductility requirements are in general somewhat higher than the force 

_ reduction factor of 4 for periods lower than 1.5 sec. For frames with longer 

_ periods, the ductility requirements are smaller than the force reduction factor. 

4 7 Stiffness degradation seems to have a marked effect in the case of short period 

structures for which it increases the ductility r requirements considerably. For 
Presa periods, the degrading and nondegrading responses do not seem to differ _ 

much and the difference, if any, is not systematic. _ 


Factor = bj 
NON Cegrading 
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Rotation Ductility 
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Period. Seconds 


FIG. wotitity Single-Story Frame: (a) Deflection 


The localized rotation ductilites follow the same pattern as the deflection 
ductilities, although i in all cases the former a “ higher than the latter. E we 


Response of Muttistory Frames 


 Toinvestigate ate the effect of wid stiffness on the response 
- of multistory reinforced concrete frames, the five-story and ten-story frames 7 
_ shown in Figs. 11 and 12 respectively were analyzed for the first 10 sec of 
the design ground motion scaled to 50% g. As in the case of a single-story 
frame, an elastic analysis \ was carried out first with 5% damping. The yield 
strengths of the girders were then set at one fourth the maximum moment 
obtained in them during the elastic analysis. The column strengths were however — 
_ kept higher than the maximum moments obtained in the elastic analysis. This _ 
_ virtually eliminated the possibility of inelasticity in the columns. th tg 
a Response of Five-Story Frames. —As in the case of a single-story frame, the 
mass of this frame was adjusted to give four different frames with fundamental etd 


| 
Period, Seconds ; 


ore REINE ACED CO INCRETE FRAMES — 
ea periods — to nats 5 sec, , 0.965 sec, 1.5 sec : and 2.0: sec, respectively. The detailed — 
4 results of analysis for the frame with a period of 0.965 sec are presented here. © 

Figure 13(a) compares the maximum story displacements of the five-story 

frame for three different models: elastic, stiffness nondegrading and stiffness 

degrading. In the nondegrading inelastic frame the displacements are somewhat 
less than the elastic displacements while the displacements in the degrading — 


in the upper floors where they are slightly higher than the elastic displacements. 
_ The relative story displacements are shown in Figure 13(b). The elastic and 
the nondegrading frames show similar response but the degrading frame shows 
an accentuated response, particularly in the upper stories. The girder ductilities = 
are shown in Fig. 14. The requirements for frame 


in int 


Re 


ten for the frames with | a shorter tad Thus: in the frame with . 
"period of 0.5 sec stiffness degradation resulted in a substantial increase in both 
the relative displacements and girder ductilities, the increase being greater in 

upper s stories. For the frame with a of 0 ‘sec the stiffness degradation 

A response of considerable. is the effective reduction factor 
for the beam and column moments and column axial loads. An effective reduction | 

r factor is defined as the ratio of the elastic response value of a force or a 
“moment to its inelastic response value. For the frames under consideration, 
the moment-ro rotation tion seletionshipe for the beams were to to be perfectly 


| 
= 
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y | — 
FIG. 11.—Five-Story Frame ma48mm 
S close to the reduction factor of 4 except in the uppermost beam. For the 
degrading frame the girder ductilities are significantly higher. 


the reduction factors for the beam moments should be uniformly 
a - equal to 4 assuming that all beams are strained beyond yielding. However, 
because the primary moment rotation relationships are bilinear, the slope of a 
the second branch being about 5% of the slope of the initial branch, the reduction = 


oom are | omnes wer than 4 and are « closer to3a a3 as seen in Fig. 15. The interesting . 


te IG. 12.—Ten-Story Frame; 1 in. = 25.40 mm; 1 ft = 304.8 mm oh 
part is that the reduction factors for the moments in columns which remain 
elastic are considerably lower and are, in fact, about half those for the beams. ; 
Pe = of Ten-Story Frame.—The ten-story frame selected for study “a 
a fundamental period of 1.89 sec. The results obtained from the analyses of 
- single-story frames show that for a period in this range the displacements of 


both | the ee and nondegrading ‘models: are smaller than the elastic 


| 
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frame. Towards the upper stories the degrading response Starts 
_ presumably, because of the effect of higher modes of vibration. That the higher — 
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_ _ ier FIG. 13.—Response of of Five- Story Frame; 1 in. = 25. 40 mm 
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_ modes which have smaller periods are expected to o show 4 an accentuated degrading — 
response is evident from the results of analysis for single degree of freedom 
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Fig. 16(6) shows the relative displacements for the three models of the ten-story 
a frame. The nondegrading response is smaller than the elastic response. The 
degrading response is also smaller than the elastic response in the lower stories 
but exceeds the elastic response in the upper stories. This is auay the influence 
of the higher modes of vibration which have a shorter period. ts 
: a The influence of higher modes is again evident in the gader ductility ratios 


‘models show similar responses but in the upper stories the girder ductilities 
for the degrading model are significantly higher. 
_ The reduction factors for beam moments, column 1 moments and column axial 
loads are shown in Fig. 18. As in the case of five-story frames, the beam _ 
_ Teduction factors are less than 4 because of a bilinear moment relationship. 
p Also the reduction factors for moments ‘in the columns that remain elastic are 


Beam 
\ {Moments 


Non- “degrading 
Degrading 

Ww 9 


FIG. 15. —Reduction luction Factors f ee Five- “Story Frame 


“almost half those for beam moments. Reduction factors for column axial loads — 
are of the same order as those for beam moments. 


APPLICATION T TO Desion 
The results presented in this pa paper indicate that the corelation between the _ 
elastic and inelastic response of a multistory reinforced concrete frame is at 
>» best qualitative. Reasonable estimates of the design member strengths in a frame - 
Senne to become inelastic during earthquake can probably be obtained by 
Senin appropriate reduction factors to the forces calculated from an elastic | 
analysis. A uniform force reduction factor does not however ensure uniform — 
ductility demand. The ductility demand is in fact generally larger than the force . 
‘reduction factor used. Stiffness degradation results in a further increase in the _ 
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ductility requirement in the upper stories of the 


Fortunately the force reduction factor and ductility . requirements are of the 
wae order of magnitude and the use of reduction factors to obtain design a. 


pay is still quite reasonable provided such reduction factors are appropriately 
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«FIG. 16.—Response of Ten-Story Frame (1 in. = 25. 40 ‘Story 
(b) Relative Displacements 


mo ‘if the inelasticity is to be confined to the girders, the reduction factors 


to be applied | to the column moments should be about half those applied to 

a meer loads have not been accounted for in the analyses carried out for 
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ACEpt if period structures © re ac “te 
uction [actor selecte or es imatng 
a little less than the ductility capacity. 
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—Girder Ductilities in | Ten- Story Frame 
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FIG. 18. aoelititianiieiiiamitaiies Ten- Story Frame: (a) For iit and Column Moments; 


b) For Column Axial Loads 
the inflection point in a girder will no longer be ‘Stationary and the € analysis 
_ will become very complex. Studies carried out on steel frames (9) have shown 
- that when gravity load moments are taken into account both in the analysis 
and design, ductility requirements in girders are more uniform and closer to 
the force reduction factors. Gravity loads also result i ina decrease i in the — 


‘reinforced concrete ‘frames, definite “conclusions can be only 


on the basis of more detailed studies. 

paper examines the correlation between « between clastic an inelastic response 
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ay 
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_ Single-story frames are analysed first and it is shown that the ductility 


requirements for periods longer than about 1. 5 sec are equal to or lower than 
the serge reduction factors used in der riving th the member ‘strengths. For shorter 


stiffness degradation has a a "marked influence in this range and increases the 
_ Studies of multistory frames are presented next. It is aun that even through a 
the girders are designed for moments obtained by applying a uniform force — 
reduction factor to the corresponding elastic earthquake moments, t the ductility 
, in some cases, higher than the reduction n factor 
“used. “Again, , stiffness degradation increases ductility demand, but the effect 
is more pronounced only in the upper stories. 
“2 It is further shown that in the multistory frames, if the columns are designed — 
to remain elastic, the elastic to inelastic force ratio for girders is larger than © 
7 that for columns. It is concluded that if. the design objective is to Soro 
umns 


the inelasticity to girders leaving the columns elastic, the reduction factor to 
a be applied to the elastic forces should be smaller for the columns and larger 
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tz 
length: ofmember; | 


. moment at cracking of concrete; 


moment at yielding of steel; 


= rotation n corresponding t to > moment 
curvature at cracking of concrete; 
curvature at ultimate moment, and 1 

Curvature at yielding of steel. 
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y Charles H. Dowding,’ Philip D. Murray,? and Dimitrios K. Atmatzidis? 


_ Investigation of structural response to mine, quarry, or construction ‘blasting 


structure will crack. work focuses (2), ‘the dynamic response of 
_ the structures to blast vibrations and specifically upon a determination of the a 
- dynamic response properties of residential structures. Knowledge of such 
3 7 properties is necessary to model blast mapente and to understand the interaction 
R of the three aforementioned topics. Furthermore, variations in the ‘@yanaie” 
_Tesponse properties determined from an analysis of blast vibration response 
are ‘useful for the analysis residential response to earthquakes, nuclear 
detonations, and vibrating machinery at similar levels of excitation. 
_ Dynamic response of 23 one- and two-story single family residences to ground — . 


Se from surface mine blasts have been measured and analyzed, and the re 


oma or gross structure and individual walls in Ges structure. — 
DETERMINATION OF of Dynamic Response Properties 
The following presentation does not necessarily constitute a : summary of all 


available information on the determination of dynamic response properties but _ 
serves to identify the approach taken in this investigation and a number of 
relevant observations that have been made by other investigators. In general, 

there is a lack of information on the dynamic response properties of low-rise = 
Evanston, Ill. 60201, and 
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ecent t investigation (8) deals with the dynamic response of residential s structures 
ion excited by high eer | a | excitation, and provides a useful | 


freedom “systems. Wood (18) demonstrated that the latter approach can be 
_ employed for large s steel structures. Medearis (7) modeled a wood frame residence - 
with single and multiple degree-of-freedom models and achieved cqpuammaity 
_ The response of a structure to ground vibration is primarily controlled by © 
4 its fundamental frequency, wn, and its damping ratio, € when modeled as the 
single-degree-of-freedom system shown in Fig. 1. These parameters can ‘be 
E calculated from estimates of the mass, m, wall stiffness, k, and viscous energy 


-of-freedom response or sophisticated models. of multiple degree- of 


absorbtion, . ¢, as shown in Fig. 1. Such calculation is unwieldy since it is necessary 
to ‘estimate m, , k, and c separately and to consider soil-structure interaction. 
Fortunately, w ,, and € are more easily determined, possibly with greater r reliability, ss 
from mathematical analyses of the field recorded time-history records of the — 
free vibration response of the structure. When records of such free vibration — 
response of a structure are available, as exemplified in a later figure, the 7 
fundamental frequency of the structure can be obtained by simply measuring 
the interval between free vibration peaks, and the damping ratio can be obtained © 
from the | decay of the free vibration of the structure (3). . pins, 
‘Most often records of structural response to blast vibrations do not demonstrate _ 7 
_ free vibration and include direct transmission of ground motions. Such complicat- _ 
. a ed records do not allow evaluation of frequency and damping properties according — 
:: to the forementioned free vibration time-history method and require the applica- G 


tion of a more sophisticated technique involving transfer functions $ calculated — . 


eougé 


AIG. 1. —Single Degree of Freedom of Residential Structure» 


ial_ structures that are subjected blast-induced sround motions 
Behavior of structures during dynamic excitation is complex and the accurate ll 
| 


se 


DYNAMIC PROPERTIES 


Fourier frequency analysis applies. the Fourier | toa transient 
> time function, converts the function from a time domain representation, and 


of the ground motion, 


, and structural al response, |G()|’, 


fi rom a blast 


vibration are. shown | in . Fig. Ac). and 2b), respectively. The ordinates, |F (w)|? 
or |G(w)’|, are squares of the Fourier amplitude, F(w) or G(w), at a particular 
- circular frequency, w, or frequency, f(= 27w) (1). The contribution of the directly © 
transmitted ground motions are reduced by dividing |G(w)|? for each w by the > 


corresponding |F(w)|? to create the transfer function or ratio |H(w)|’ in Fig. 
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GROUND 
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FIG. 2. —Determination of Response Properties from n Transfer Functions: (a) (b) (co) 


“left, Development of Transfer Function from Ground and Structural Motions; (d) 


right, Amplification Function from Resonance Testing 


The transfer function can be considered to be analogous to the square of 

the amplitude amplification |H(w)| observed during resonance testing. Resonance © 

a testing involves measurement of structural Tesponse amplitude f from an excitation 
_ with a constant amplitude and variable frequency, and has been described 
4 elsewhere (11 and 3). As shown in Fig. 2(d), the observed resonance amplitude — 

_ |H(@)|, when plotted agrees the excitation frequency, w, is similar in shape 
to the transfer function. For small values bs damping it can be shown that 
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in nwhichw, = w, = the peak atetene (and is nase to the fundamental frequency); 
and w, and w, are the points on the amplitude transfer function in which |H(w)|_ 
falls to V/V 2 of the peak a amplitude. On a power spectral density transfer 


function plot of |H(w)|? versus w,, and w, are defined in which |H(w)|* 
falls to 1/2 the maximum, the half power width, 
In the absence of resonance testing, Fourier frequency transfer functions ‘ 
can be employed to determine natural frequencies and damping in a manner — 
directly analogous to the resonance approach (13, 16). Tanaka, et. al. (13) a 
a transfer — ‘approach where damping was estimated to be remand 
in in which 


ay 
between w, and w, or symmetry about the peak is assumed. 
_ Tanaka’s approach (13) was followed in this study for calculating the dynamic — 
properties of one- and two- “story wood frame In each 


‘ground motions and associated structural | response, and the dynamic response 
_ properties were then determined according to Eqs. 2 and 3 from the resulting 


Most of the information in this’ was gathered by an United States 

Bureau of Mines during its reevaluation of existing cosmetic cracking criteria 
7 for residences. The response of the 23 structures, which are located near nine 

different mines and quarries, was documented with the following: (1) Description — % 

of each structure, Photographs | and | house @) shot data 


form structure to ‘shot; type ond location of the transducers on 
-_ _ the structure and on the ground near the structure; and (4) velocity time-histories se a 
: of the ground motion adjacent to the structure and the associated response 

ed the structure. Instrumentation details have been presented elsewhere (12) 
_and will not be repeated herein. The physical character of the struc es studied 
are summarized in Table 1. Twenty houses had a wood frame sup rstructure 
and either a full or partial basement or a crawl space. Of the remaining three 
was constructed of concrete block, one was constructed with 
~ brick load bearing walls (350 mm thick), ¢ and the other’s lower story — were 7 
Detailed case documentation has been presented elsewhere (6,10) and is not 
_Tepeated herein. However, the information for Case Study | is summarized — 
; “next as a typical example of the available data. Included in Fig. 3 are: (1) 
Bove elevation photograph and a plan view of the house; and (2) the a 
and sensitive direction of the gages that recorded the structural responses. This _~ 


j 
| 


“DYNAMIC PROPERTIES 


is approx 50 yr in need of moderate to extensive ‘Tepair. Many of 
the interior walls are cracked studs {on 16-in. 4-m) ‘centers) 


| Penne shot information for this case is summarized in Table 2, and measured - 
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"4 “wf = Wood frame; m = masonry siding; cb = concrete block; and b/b = brick load _ 

.. cs = Crawl space; p = partial; f = full; and n= = none 


“After Wiss & Nicholls, 1974. 
Orthogonal horizontal axes 1 and 2. 


_ peak velocities are summarized in Table 3. Since this study is concerned with - 
response, no effort was expended in determining attenuation relations for ~ 

ground motions. A typical record of the time-histories for this structure is - oll 


_ Although a large number of veloehy-time histories were available for each 
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toa TABLE information for Structure Sic tr 1 


_ Distance from 


North- south, 
i bey 
ground 
Es west, ground 


a Upper South ‘Wall 
a “Upper East Wall Corner, Transverse 
3. South-East Ceiling Vertical 


FIG. 3. —Structure 1M: ta) Elevation Photograph; (b) Plan View; (c) neisapeien 


423 
Measured Peak Velocity, in inches per second 
identification 
q 
\ 


| Upper South 
Corner, Radial 


= 


© plot the 


: structure, the determination of the dynamic response characteristics of structures - 


and walls were carefully selected to represent the phenomenon studied. Horizontal 
_ responses, obtained at ceiling height from instruments located and directed as 
shown at (1) in Fig. 4(b), were considered representative of the shearing f 
- the frame of the structure (hereafter referred to as gross structure motions). 
_ Motions, obtained at the midwall from instruments located and directed as shown 
at (2) in Fig. 4b), were fe considered characteristic of the bending ofa wall: 
as it vibrates as a membrane perpendicular to the direction of the in- — 
shearing of the wall. The differences between shearing and bending responses 
are shown in Fig. 4(c). These responses were always compared — the 


and Wall Response: (a) Motions; (b) Pickup Placement 


on photographic paper or copies of the magnetic tape. The former were manually 
digitized, while the latter were electronically digitized according to standard 7 
procedures. Frequency and damping characteristics for the gross structure and 
for certain walls (where information was available) were determined from power : 


—_ 
* 
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fast Fourier transform routine, which was used to calculate the 
spectra, was obtained from n the International Mathematics and Statistical Library. 
The time- nes records were digitized to have ig equal to 3. 072 sec or 
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FIG. 5. —Relevant and Spurious Ratios as 
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(1,536) for which the available Fourier transform routine would operate most 
efficiently. According to Bath, (1) the frequency resolution of the Fourier spectrum 
the inverse of the sample Thus, Fourier amplitudes are are 


density of sampled points per unit time. Thus, the Fourier spectra in this = 
_ are applicable up to at least 125 Hz, six times greater than the largest fi undamental 
Frequency domain transfer functions may contain spuriously large that 
“ develop when small structural coefficients are divided by much smaller ground © 
_ coefficients. An example of such a spurious peak is given in Fig. 5(c). In this — 
se, the ground motions contained significant power amplitudes between 5 
Hz and 35 Hz. However, the gross structure motions peaked near 7 Hz with 
a power spectral density some 50 times greater than the ground. Despite this 


large structur ural amplification, the 7-Hz peak was not the largest 0 n the transfer 7 


function; the larger peak at 4 Hz resulted from an almost unregisterable structural 
:. response power amplitude divided by an even smaller ground motion power 
7 amplitude . Obviously the 4-Hz peak is not representative of the maximum — 


structural response. No such peaks were considered in this study. a wr wens 


- For all the structures investigated, only the transfer function peaks coincidental q 


or contiguous" with : structural response peaks were employed to o determine the 


dynamic properties. All three power spectral density plots were permanently 
_ recorded and studied before the proper peak was chosen. As an alternative, 
spurious peaks can be eliminated by adding broad frequency band, low amplitude 
noise to both the ground, and structural Fourier frequency characterization to 
increase all amplitudes to some constant power spectral al density. Spurious t transfer — 
function peaks, such as the 4 Hz example, would then have ratios mcre nearly ~ 2 
one and only the an peaks would be seen on the plot of the transfer 4 


Gross ‘Structure. —The and damping ratio associated 


; with shearing or gross structure response for each structure were calculated 
from the transfer functions determined from Fourier frequency power spectral 
_ densities. The dynamic response properties of the tested structures are sum- 
KS 

- marized along with their physical character in | Table 1. Response along the 

_ two perpendicular - horizontal axes 1 and 2 was assumed to be independent, 
and iwo values of frequency and damping are reported for some structures. 
Cases without two values result from either lack of data or inconclusive transfer 
functions (i. e., ratios below one, no peaks near Structural peaks, 


Computed fundamental frequencies have an average value of about 7 Hz 


with a standard deviation of about 2.2 Hz and appear to decrease with increasing 

Z- (number of stories) of the structure. This tendency will be explored 
in the discussion section. Damping characteristics do not exhibit any tendency 

to vi vary with the height of the ‘Structure. The average value for damping 
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TABLE 4. ‘comps ri Ground, weet, Gross | Structure | Peak Velocities 


Wall, 
‘number nd conc 
Tee & 
~ 
2.77 | 
0.58 $ 


6. 15 


_ Note: Wall oriented such that bending response is directed along the compass direction 
_ indicated. Gross structure or shearing response is directed along the compass direction 


=== Gross 


‘Resonances 
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a 6.—Typical Example of Gross Structure and Corresponding Midwall Fourier 


7 
i = 
Direction 
Tad 
Struc- 
ture 
0.13 | 0.20 | O12 | O12 | | O15 
(030 | 048 | 042 0.42 
103 a on 0.64 | 027 | 065 | O15 
10 |) (1066) «(0.08 | (043) | (0.07 | 0.05 | 0.26 
| | OM | | | | 
| 
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: response motions. This idee will also be explored i in the discussion section. 
‘ 7 Bes —A wall may respond toa blast vibration either in shear or in — 


and is a maximum in the fundamental mode at the midwall vt position — 


shown i in Fig. 4b). Peak velocity v values obtained f for cc corresponding directions — 
of motion for the gross structure and for walls [as identified in Fig. 4(c)] are 
r summarized in Table 4. In general, the magnitude of the wall l response is greater 
than the response of the gross structure. 
‘The midwall motions of several residences were evaluated with Fourier 
power spectral density analyses (Fig. 6). The e example comparison 
oof power spectral density functions of gross structure and wall response to td 
ou _ the same shot in Fig. 5 indicates that several of the peak response frequencies 
_ of the walls occur at frequencies associated with gross structure or corner motions. _ 


ie However, it was generally observed that from one to three response frequency 


 Wallone Walltwo 


P 
_ 


within a frequency ‘aia 12 Hz-20 Hz with an average value of 15 Hz. 
a After the wall response peaks that were associated with ground and corner . 
} ‘motions were eliminated, the bending frequency characteristics were determined © 
_ Transfer function plots were not employed for wall property determinations 
mon the bending of first story walls is driven en by gross structure motions 
as well as ground motions. No appropriate single transfer function can be | Produced 
in such a case. Because of this difficulty damping was not calculated. 


on structures that were subjected to actual blast-induced ground | motions. 
_ Computed fundamental frequencies for gross structure shearing motions ranged = 
from 3 Hz-11 Hz with an average of 7 Hz, and damping ranged from 2%- — 
of of critical with an average of 4.6%. The fundamental f for bending 
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of the walls ranged from 12 Hz-20 Hz with an average xe of 15.2 Hz. yon iocesith. ina 
_ The two types of translational response (along two mutually ndesnitiiniiles 
_ horizontai axes) were assumed independent, and values of the response charac- 

4 teristics were computed for each direction. Although m most of the tested structures _ 
exhibited a single fundamental mode response, some structures ‘responded at P 
several closely spaced frequencies. This behavior may be the result of contribu- 
tions or coupling of other component motions (5). Distinguishing these modes 4 

2» % was not pursued further as it was intended to investigate a large variety of 
residential structures than a few in n detail. a number 


; similar frequencies for both translational directions. ‘This observation sngunets 
the possibility that torsional motions existed in these structures, but the available 7 

_ response measurements did not allow observation of torsion. Appropriate data 
= have been obtained if structures were instrumented at diagonally opposite a 


| Even though the number of wood frame responses (approx 33) is not large | 


~ enough to be considered an adequate sample of all residences, it is instructive _ 


TABLE 6.—Statistics of Dynamic Resp roperties for w Weed Frame Re 


Parameter. Samples n Average | deviations | o/f 


de 1/2 end 


structures 4.6 
/2- and 2 49 


to investigate ‘the trends within the ‘study data. Averages, standard deviations, 


b- 


Within the aforementioned limitations it appears that the f fre- 
: - quency is influenced by the number of stories; one-story residences average 8.0 2 


_ Hz while one and a half- and two-story residences average 5.8 Hz. Frequencies 
for the one and a half- and two- -story structures are more dispersed, as shown 
_ by the larger variation, because of the difficulty of defining a one and a half-story _ 
structure. Many are single-story structures with steeply pitched roofs and attics 
sufficiently high to allow conversion to bedrooms or additions of dormers. 
Depending upon the framing, these structures may or may not be less stiff 
than their one-story counterparts with low pitched roofs. If only the two- “story 
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| 
esidences 
(a) Fundamental Frequencies (Expecting Cases 4L and 7L) 
| 58 4: 0.36 
geases2Mand17M) 
| 
: Table 1, grouped by height in stories, are presented in Table 6. Certain structures 
| were eliminated; 4L and 7L were not of wood frame construction and were 8 
/ eliminated from all statistics; 2M and 17M were eliminated because of the tendency — 


wood frame structures are considered, the average fundamental frequency jis 
When damping» is grouped by number of stories, there is ‘little difference 
im the a averages in Table 6. However, damping tends to increase with induced — 
; aoe as shown in Fig. 7. Fig. 7 includes all data in Table 1 as well as _— 2 
x additional data for three structures where a number of shots were monitored. 
_ When one response per structure is analyzed, damping appears to be random. 


a number of responses with ii increasin, Tesponse velocity) for one 
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aa FIG. 7 —Variation of of Damping with Absolute Gross Structure Response nea - a 
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wera 
(% of critical) 
har = ics of Low-Rise Residen- 2) 
residence are panier damping does tend to increase. However, no precise — 


relationship can be established. Previous investigators (13 and 18) have also 
concluded that damping tends to increase with increasing amplitude of sll 


aS _ Structure 17M | was subjected to single delay excitation to deliberately cause 
cosmetic cracking (15). Measured absolute response velocities are approximately | 
an order of magnitude larger than those mensored for the other structures. — 
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Reported damping ratios were calculated frown functions between the 
ground and the top or between the bottom and top of the structure. Computed 
damping ratios are larger than most of the damping 1 ratios computed for the >. 
_ other structures and much higher than the overall average of the damping ratios” 


_ Histograms and derived distributions of dynamic | properties from field blast 
- monitoring (this study) are compared in Fig. 8 with results obtained for similar 
_ structures using the impulses loading technique (8). Values of both el 
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FIG. 9.—Comparison of Response Specwe | near Structure 1M with thet of El Centro” 


and damping computed from the actual blasting records tend to be slightly — 
7 & lower than values computed by Medearis. (8) with ‘impulse techniques. As a 
_ check, structures 2, 8, 10, and 12 from this study were subjected to human 
induced (localized) excitation. Fundamental frequencies and damping calculated 
_ from motions recorded near the point of excitation were larger than those 
computed from the gross structure response during blasting. 
‘The differences between the two sets of information, which are summarized 


* Fig. 8, may be attributed to a number of reasons. The data sets may not 
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and materials are ‘not. available, a a positive correlation between the two sets 
£ structures cannot be established. Although these considerations may account 
for some of the observed discrepancy, there are fundamental differences in . 
_ the testing techniques for the two sets. Further research is needed to investigate 
the systematic effects of energy dissipation through spreading w which h accompanies a 
2 Pseudo-velocity response spectra of the ground motions associated with 
4 ol 
—— SeRetere 1M are compared in Fig. 9 with the spectrum of the 1940 Imperial 
: Posy Valley earthquake, as recorded at ‘El Centro, California. This comparison is _ 
:  eesentos to relate the 1 motions s of this study t to those from another re 


the s circular velocity is useful in 
studies because it is calculated from a measure of relative displacement, and 
-as such is related to strains that induce cracking and damage. - Development > 


use of the response spectrum» can be found in and 
As can be seen in Fig. 9, fundamental Sequeacies of residential ‘Aide 
iL and walls fall in a frequency region where the blast spectra are more or less — 


Bd. to lines of constant relative displacement and the earthquake spectrum — 


a is nearly parallel with lines of constant pseudo-acceleration. The comparison r 
_ Shows that response spectra of ‘ground motions generated by these surface = 
mine blasts” peak at higher and more » singular frequencies than sj spectra of 

= earthquake motions. This frequency difference between earthquake and blast. 
spectra is even larger for some construction blasts that generate motions at ral 


pseudo-velocity response spectra peak between Hz and 100Hz(4). 


Within the limitations of the foregoing field investigation, - theoretical develop- 
- ments, interpretations, and review, the following conclusions S may be advanced: ; 


1. There is little published information on the dynamic response “= est 


_ of low-rise residential structures that are subjected to blast-induced transient 

es to 


excitation. 
mario, 0) 
2. The response. of 23 low-1 sine (one- 1 to two-story) ‘residential structur 
blast- induced ground motions is characterized by an average gross structure — 
fundamental frequency of 7 Hz and by damping ratios oo from 2%-23% 
3. Fundamental frequencies for one- e-story wood framed structures averaged © “fl 
8. 0 Hz; one and one-half- and two-story structures averaged 5.8 Hz as a group. 
_ 4, Damping ratios for a given structure tend to increase with increasing induced — 
absolute velocities. However, there isnouniformtrend. 
5. Walls in low-rise residential structures may exhibit ‘bending response in 
a direction perpendicular to that of shearing; | the average f fundamental ase tatedll 


for v wall bending motions is 15.2 Hz. 
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REPAIRED Prrcu-CAMBERED GLULAM BEAMS 


By Vijaya K. A. G K. A. Gopu,' M. ASCE 


4 -Double-tapered pitched and curved glulam | beams (Fig. 1), often called pitch 


_ cambered, are popular structural roof members where maximum interior clearance _ 
~ coupled with the traditional gable roof is desired. A number of these beams 
made of Douglas fir have developed radial tension cracks or transverse separations 
*s in service in the wood fiber near the neutral axis in the central curved portion. 
None of these separations has resulted in a complete failure or collapse of 
the member. ‘When beams fail in this manner they are often field repaired, 
by installing r radial reinforcement, to restore the original load ci carrying capacity 
_ and to provide adequate strength to resist the full magnitude of the radial asian 
a In 1966, when the reasons for the radial tension failures were not known, 
‘The American Institute of Timber Construction (AITC) recommended, as an 
a ‘interim ‘Precautionary measure, that the radial tension stress in Douglas fir and 
other: western woods be limited to 15 psi (103 kN/m?’) for other than wind 
or earthquake. For wind or earthquake loads or with radial reinforcement this 
_ stress (calculated using AITC equation for unreinforced beams) has been limited 7 
to 1/3 the allowable unit stress for horizontal shear, which for Douglas fir 
iss 55 ‘psi B80 kt kN/m* ) (7). The | lower 15- “psi (103- kN/m* ) limit results | in 


- a comprehensive research ef fo ort was undertaken at Colorado State eueelaly 

" «4, 5,6) to study the behavior of unreinforced pitch-cambered Douglas fir beams 
S -+ examine the results of the study in light of the current design procedure. 
The research effort led to a better understanding of the phenomenon governing 
- failure in these beams | and to the development < of a rational ‘design procedure — = 
_ for these beams. As an extension of this research effort, the behavior of two = 
full-size repaired specimens, which were radially reinforced after initial radial 
tension failure, was studied at service and ultimate loads. In this paper the 
= of the study of the behavior of the repaired beams are presented il 
examined. The strength obtained after reinforcing the broken beams is compared © 

— the current rules for strength | estimation for reinforced unbroken a 


"Asst. Prof. of Civ. Engrg., Louisiana State Univ., Baton Rouge, La. 70803. eT ae, : 
‘Note.—Discussion open until December 1, 1981. To extend the closing date one month, 
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beams. Based o on the strength comparisons reinforced 


a radial tension stress s limits, a as an interim measure, is s established. a 


a 


Descriprion oF ExPeriMENTAL PROGRAM 


= 


As part of the ‘study on ‘pitch- -cambered beams, experimental of 
six full-size beams of Douglas fir were conducted (4,5,6). The six test beams 
: : of equal spans of 30 ft (9.1 m) represented four different geometric configurations. -_ 


_ The beams were fabricated of 1-5 /8-in. (41.3 mm) laminations. All the laminations — 


_ chosen for the fabrication: of the test beams were measured for ‘modulus 


at the supports. In the experimental study the behavior of the test beams at 
¥ service and ultimate load was investigated. On completion of the tests within 
_ the working load range the beams were loaded to failure to evaluate the ultimate 
Capacity. . All six specimens failed initially in radial tension perpendicular to 
the grain. The specimens were unloaded after initial failure since the loading 
_ ratn ceased application of additional load, due to stroke control, upon occurrence © 
of any significant failures in the beam. All the beams were reloaded to complete 
failure, with the exception of two beams, with top slopes (,) of 3 in 12 and 
ai in 12, respectively, that were later reinforced. In these two beams, that were - “¥ 
“subject: only to initial radial tension failure, failure occurred as a separation _ 
& 
along a single line at about the mid-depth of the center line apex. On unloading _ a 
_ the beams, the radial tension separation closed. These two beams were reinforced a 
each by a different method. The ewe methods were: (1) Use of 1-in. (25.4-mm) > _ 


diam full threaded lag bolts (beam —pitch 3 in 12); and (2) use of 1-in. (25. + 


= 4 
beam (beam 2—pitch 4 in 12). The separati 
. paration or crack 


-GLULAM BEAMS 


_ which occurred. at initial failure was not glued or scaled in anyway prior to 


The repaired test beams can be considered to | represent typical field repaired — 
beams since repairing was similar to the field repair carried out on beams a 
fail in service. The reinforcement layout for the two beams is shown in Figs. 


2 and 3. Each beam was provided with ten reinforcing elements, equally spaced, a 


. with five on either side of the apex center lin e. Of the ten reinforcing elements, 


six were installed within the central curved portion, i.e., between the tangent | 


points where most radial tension failures initiate. In — case, four aaa 


2.—Beam 1 (Pitch 3 in 12) Radial (1 in. = 25.4 
ve 


“4 aa #8 Rebar Enbedded in 
hole-- 
Typical 


Point 
* 


mm; 4 ft- = 0.305 m) 7 

elements, two on either side of the apex center hen: were instrumented with | 

strain gages to determine the effectiveness of load transfer to the reinforcing. | 
_ On these reinforcing | cements, strain gages were mounted on two opposite flat 


@ gages w were ere protected by 3 a layer of epoxy and the ¥ wiring wi was as thread out the © ; 


top of the hole in order to avoid cutting holes in the beam face. 
= In the case of the 3 in 12 pitch beam, 13/16- -in. - (20. 64-mm) lead holes were 


— 


| 

= 
= 
| 


driven along the radial lines where. the was to be located. A 
(5.08 cm) clearance was provided at the soffit so that the lag bolts were concealed 
from the bottom. The I-in. (25.4-mm) diam lag bolts were fully threaded and 
each had a root diameter of 3/4 in. (19 mm). In the case of 4 in 12 pitch _ 
: beam, 1-1/16-in. Q27- -mm) diam holes were drilled along the desired lines with 
_ a 2-in. (5l-mm) clearance near the soffit. The holes were filled with a moderately ye a 
quick setting phenol resorcinol based epoxy, before placing the bars in position. ld 
_ The epoxy was allowed to set for 24 h before commencing physical testing 
of the beams. Prior to installation in the test beams, the instrumented bars 


bolts were loaded in tension in a universal al testing to calibrate 
The test setup utilized a 55- -kip. (25,000-kg) closed loop 
to apply a concentrated load on a steel beam which transferred the load . 
_ two symmetrically placed load points located 4 ft (1.2 m) on either side of 


the center line apex. Two vertical steel angle were used to 


= between the beam face and the stabilizer frame t a insure that the frame = 
not restrain the test beam. An elevation and view of the beam test set up 3 A 
which was similar to that used in an earlier study (4,5), is shown in Fig. ei 
; The test specimens were instrumented with strain transducers along the radial 


. 
a 
FIG. 4.—Elevation of Test ‘ 
| 
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GLULAM 


line where radial and tangential stresses were desired. “Utilizing 4 data | logging 


equipment, the radial and tangential strains along several lines, the vertical 
| deflections at several sections, as well as the longitudinal strains in the instru- a 
mented rebars were recorded at 500-lb (230-kg) increments to 5,000 Ib ) (2, 300 
kg) to determine behavior under working loads. Upon completion of the tests 
- within the working load range, the beams were loaded to failure to determine 
the increase in the ultimate load after 


beams did not exhibit any within | the working load range 
and the _ deflection behavior for the Tepetitive loadings at 5,000 lb (2, 300 


mation Deflection at 
One End of the Beam 


Vertical Deflection at 
Centerline by Conjugate 


‘Total Load (kips) 


= 


1S 

ection a> 

Behavior of 1 1 (Pitch 3 in 12) (1 i 

‘i did not vary, indicating linear ear elastic behavior within | this load 1 range. Typical 


= load deflection curves are shown in Fig. 5. The vertical deflection at the center 
4 line of the beams agreed closely with that predicted by conjugate beam method 
.. _ Beam 1 with a pitch of 3 in 12 and reinforced with lag bolts exhibited , 


VV ORK DAD AND WU MA DAD DEHAVIOR 
— 


extensive ‘radial tension ‘separation at the mid- -depth of the a apex center line” 7 

section, the region of high radial tension stresses, when loaded to initial failure = 

at 31,000 Ib (14,100 kg) total load. This extensive radial tension separation could > 

have been initiated by the already existing separations induced during the a 


FIG. 7.—Radial Tension Failures and Flexural Distress in Laminations on 2nd Failure. 


failure. ‘Significant shear displacements were noticeable in the beam and the 
interaction of shear, flexural, and radial stresses did not cause any noticeable 
distress: on the top tapered edge even at the f failure load. “When | the beam was 


ra 
i 
— 
FG. 6.—Radial Tension Separations in Region below Lag Bolts—Beam 1 (Pitch 3 § 
q 
cL 
i t(E 
| 


ainiies to the same initial failure, load level of 31, 000 Ib (14, 100 kg) radial 


tension separation of the wood fibers of occurred | in the region near ar the soffit, 
where the bars did not extend. On unloading this final separation did not close 
as can be seen in Fig. 6. cisrg 
_ Beam 2 with a pitch of 4 in 12 and reinforced with deformed rebars, exhibited - 
behavior similar to beam | when loaded to initial failure at 33,000 Ib (15,000 | 
a kg). On reloading to 29,000 Ib (13,200 kg) several radial tension failures occurred — ; 
y ‘in the wood fibers in the three bottom laminations together with large relative 
; displacements between the laminations. Flexural distress was observed in two 
omy in the failure zone. Fig. 7 pictures the radial tension failure after 


Beam Broken Beam 


Ultimate | Ultimate 

load, moment, moment, 

ininch | i ininch | 

pounds pounds pounds percentage: 
Mee ile ik 


ExperimENTAL STRESS DistrisuTIONS AND Foes 


oa at a loading of 5,000 Ib (2,300 td ot average values of the radial 
moduli of elasticity of the laminations in each beam were utilized in determining 
the experimental stress distribution. The elastic parameters, »,, and Her, Were 
computed using the exponential relationship developed between these constants : 
and E, by Bodig and Goodman (2). The following stress-strain relationships 


4 given by Hooke’s law for orthotropic material in plane stress were utilized 
.=- @ 


strain; E, 


a 
| 
| 
Beam 
number Pitch” 
— ie 
1 | 3m 12 = — - 
| 4in12 | 20,000 | 1,320,000 | 33,000 | 2,178,000 6 | 
“Note: 
athe secon tect ultimate load and moment carried by the beams 
Brother 
in which o, = stress in the tangential direction, parallel to the grain; o, = ’ 
ba’ Stress in the radial direction, perpendicular to the grain; «, = tangential strain; 
Po = MOE in the direction parallel to the grain; E, = MOE _ 


the direction to the gra grain; = 


stress s perpendicular to the grain; and He, = Poisson’ s s ratio, passive strain * 
_ Perpendicular to the grain and active strain 1 parallel to the grain caused by 
normal stress paralleltothe grain. a 


Average Elastic Constants 
= 2, 117, 000 pei 


Unbroken 


FIG. 8. —Radial ees Distribution at Apex Center line for Beam 2 2 (Pitch 4 in 12) : 

4 


theoretical stress distributions in the wood fibers of these two ) different beams 


obtained for the repaired beams were plotted along with the odtintiethie 


theoretical | stress distributions for the w unreinforced and reinforced 


| 
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Unreinforced Beams) 


A 
Average Elastic Constants 
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70,000 


FIG. 9. —Tangential Stress Distribution ce ex Center lin line for Beam 2. (Pitch 4in 
4 


= 
12) in. = 25.4 mm; 1 psi 6.9 kKN/m? yd 


unbroken beams. Plots for an instrumented radial line at the a apex in beam 
- are shown in Figs. 8 and 9. Figures 8 and 9 are presented to compare the 
_ experimental and theoretical stress distributions for different beams but not 
_ to show agreement. The implications of the theoretical distributions shown in 
. these figures will be analyzed later in the paper. The finite element ‘model — 7 
predicted significant reduction in the magnitude of the maximum radial tension 7 
= stress after reinforcing an unbroken beam; 41% reduction for beam | and ade 
_ for beam 2. It is interesting to note in Fig. 9 that the tangential stress distributions _ 
_ predicted by the finite element model for the unreinforced and reinforced unbroken _ 


& beams were identical, indicating that the influence of the radial reinforcing on 


| 
| 


or Test Resuits AND Cor Comranisons 
. The radial tension strength of the test beams in an unreinforced ain was — 
Bye based on the procedure developed by Barret, et al. (1). Columns — 
3-5 in Table 2 show the strength predictions, in the mean, at the 5% and at 
_ the allowable level for the particular beam. The strength predictions are fates 
tive, as the formula for maximum radial stresses used (the AITC formula on 
page 4-46 of ‘the Timber Construction Manual) gives conservative answers for 


leg. edge ‘11% smaller than the taper for the ‘upper , edge, and beam 2 had 
angle 30% smaller. It is seen, nevertheless, that the mean predicted values 

agree well with the test results shown in the last column. This means that 
the 15-psi (103-kN/m/?) allowable value given by AITC is, for these beams, 
quite could use, respectively, 22 psi KN/m’ and 

TABLE 2. _—Radial Tension Predictions on Theoretical Devel- 


Reinforced 


stress, 

pounds || pounds 
per 


“Ea 00.0 460 40.0 (90.0 


78.0 44.0 21.0 1 80.0 


21 psi (145 kN/m?’). Due to the nature of the inverse ‘relationship between 
the predicted strength and the beam volume, the 15-psi allowable value may 
_ not be conservative for larger beams and will be wastefully conservative for 
- smaller beams. This clearly indicates the need for an allowable radial tension © 
stress value is a function the beam volume. Unlike AITC the 
Biya ‘a procedure to account ‘for the volume effect « on yn the r radial tension strength 2 
_ The finite element analysis study of unreinforced and reinforced- unbroken 
4 test beams show that the radial tension stresses in the wood fibers are reduced 


if reinforcement is present. According to Fig. 8, this reduction is in the | order 
of 40%-45%. Assuming a 45% reduction, the radial tension strength predictions , 
7 for unreinforced beams must be cengaee by a factor of 1.82 to om the — 


| 
| 
| 
| 
q 
| 
| 
| pounds | pounds 
| per | per 
_ | Square | square 
J 


er: 


be very high, about 50% higher i the predicted allowable. The factor of 
1.82 used to obtain the strength prediction for the reinforced beams could vary 
_ between beams depending on beam geometry. The allowable radial tension stress 
‘wales for reinforced beams should thus be oe! not only to the beam volume — a 
From the results presented, one would expect for the case of the test beams, = 
_ a factor of 1.82 between the strength of a reinforced unbroken beam and an 


= unreinforced beam. When the reinforcing was done after the beam was broken, 4 


_ the factor was observed to be an average of 1.6 as shown in Table AL That 
is, reinforcing the broken beam achieved about 73% of the strength increase 
r that the same reinforcing is capable of in an unbroken beam. This obviously 
is excellent for a repaired beam, reinforced only to restore the original load 
capacity in an unreinforced state. The exceptionally high strength increase for 
the repaired test beam could be due to the initial failure crack in the beam 
being very minor. Nevertheless, a typical field repaired beam can be expected 
to have some strength increase, and very | conservatively have their original 
load capacity restored. 


7 & The full-scale tests on 1 repaired pitch- -cambered glulam beams clearly indicate 
that the original load capacity can be restored and even some strength increase i? 
_ achieved by reinforcing broken beams. The tests also indicate that the failures = 

in the repaired beams were due to radial tension stresses in the wood fibers — 

_ reaching an ultimate value. The strength predictions for the unreinforced and - 
reinforced ‘unbroken test beams show that AITC's s current 15- “psi (103- -KN/m* ) 


_ It is recommended that the allowable radial stress limit 
for unreinforced Douglas fir beams be related to beam volume by adoption 
_ of a procedure proposed by Barret, et al. (1). The results of the finite element 
_ analyses of unreinforced and reinforced unbroken test beams show that the 
radial tension stresses in wood are reduced by about 45% if reinforcement 
is present. For this stress reduction, a factor of 1.82 can be expected between 
- the strength of a reinforced unbroken beam and that of an unreinforced beam. 
The factor of 1.82 could vary between beams, depending on beam geometry, 
Zz additional research needs to be undertaken to obtain this factor for different — 


radial tension stress values for a ‘reinforced and unreinforced Douglas 
fir beam. A factor of 1.6 was observed between the strength of the repaired 
“test beams and that of the unreinforced beams, and this implies that reinforcing — 
the broken beams achieved 73% of the strength increase that the same rein- 
forcement is capable of in an unbroken beam. That reinforcing a broken beam 

_ can restore its original load capacity in an unreinforced unbroken state is obviously : 
a sate and conservative 


- 
Strength predictions for the reinforced-unbroken beams. Columns 6-8 of Table 
= give the strength predictions thus obtained for reinforced unbroken beams. 7 
| | 
| 
| 
q 
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L, of beam between tangent pe: To 4 
Poisson’ ratio, Passive si strain to and active strain perpen-— a 
intel =  Poisson’s ratio, passive strain perpendicular to and active strain 
o, = radial stress; (sw to vor A 


7 
= depth of beam at center line ot 
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Minimum WEIGHT PLastic DESIGN 
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By Yuhshi Fukumoto," dock Mitsuru Ito” 


section subjected to one movable load was studied by Gross and Prager (9). 
Tiny obtained minimum weight design of propped cantilever beams ah a linear 


- (10) to minimum weight design of beams with continuously varying cross section 
_ which is introduced for fixed loads. They applied the theorem to statically q 
indeterminate beams subjected to a moving load and proved that the obtained 4 
=; design gives minimum weight. Lamblin and Save (13) considered the design cq 
y of a two span continuous beam subjected to ‘crane loads ora partially distributed a. 
; movable load. Further, Lamblin obtained minimum. weight design of a generic 
= span of a continuous beam on several supports under one single movable load. 

_ A series of studies, as previously mentioned, is based on Heyman’s theorem 
(10) and the extended theorem by Save and Prager(16), $= «| 
_ On the other hand, Horne (11) obtained minimum resistance plastic moment. 

needed on each section of fixed-ended beams subjected to a Single movable 
load, by means of the influence line approach of bridge engineering 2 using. the 
lower bound theorem of plastic design. Recently, the writers (8) considered — 
_ plastic design method of beams with variable cross sections for a two span | 
continuous beam, based on Horne’s study (11). 


In Refs. 2, 3, 7, and design procedures based on elastic are 


girders which a are ‘symmetrical in cross ‘section. The 
_ minimum weight cross-sectional dimensions or cost optimization of I-beams _ 
or —— for given values of elastic bending moment and shear forces. — aha : 
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| structural weight of n-span continuous beams with variable cross section. Design 
j loads are of any combinations of moving single and distributed live loads and 


perform the design. Design examples are also presented. 


Plastic Desicn OF n- -SPan Continuous 
Perr 


Definitions and Assumptions ate this Paper, the ‘following definitions and 
1. Moment-curvature — of a beam is of an ideal elastic-plastic ioe 
4 
2 Reduction of the full plastic moment due to shear force is disregarded. er 7 
= There is no premature failure due to buckling or instability. ieieii #178 
_ 4. A concentrated live load, P, per unit width of which intensity is M JL. i 
-may move along the beam, in which M, is the specified bending moment which 
given by Eq. ld and L, is a selected span length. 


A uniformly distributed dead q per unit intensity of 


6B M,/L? may be applied t to the beam along the whole length of the beam. : 


Required Plastic Moment.—Required plastic moment along | the beam can be - 

_ determined under a a combined loading of P = SM, Pp = a and 

q=BM _/L? as shown in Fig. 1, in which S= the ultimate-load coefficient. 

_ Now, consider the kth beam of span length L, subjected to a senneaneed 

“live load as shown in Fig. 2. Let M,_, and M, h the bending moments on Ms 

& — 1)th and kth supports, respectively. The sagging bending moment M s(x) 


at the abscissa x x becomes as: follows for th the e applied load atx = =x, 


_ The maximum sagging n moments . M gnax(X) a at the } abscissa x = = x, is given 


In Fig. 2, if the hogging moment in the» vicinity of support 


denoted by M when the is. at point B = L, — 5,), and if the 


1264 
- dead load which are usually co i 
stepped moment distributions ¢ 
| 
Le 
| 


_ hogging moment in the vicinity of kth support is denoted by M,,(x), when — 
” the load is at point A (p= a,), then the hogging moment M ,,(x),. and Male 


a 

i, 

M,(x)» = M, + (M,- 1) +++ Gb) 

in which = and b, = b ow, putting M of of 2 


— 


j 


to Mule) or of 3 the following equations: 


6. 2.—Bending nt Diagram of Span k 


The bending moments M,_, and M, at the supports may be obtained as follows: 


(Sa) 


— 

poqque M si aw 
= 
iz 


thers ) for a, < 


— b, = x/L, = 1 and |M, al 


. Therefore, the obtained required plastic moment M ,(x)at the any cross cross sections 


-@ S for. 


beam. When = Vand n= 1 Eq. 7 gives 
= 


her 
minimum structural weight may be when b, the 


values given by W/ad,=OusingEq.9. 
In general, the obtained required plastic moment M p(x) for kth span is given 


by the following equation for the loading condition as ‘shown i in Fig. I: Vine 


h,[Xp+ad,X,] + BX? 


| 
.| S for 1-5, (6c) 
2PL,, and = L,/L,. Therefore, using 
nay be as follows 
ati 
S-sectional properties of the || 
| 
4 
| 
in which X,=— a. + for = — 
} for a,<— 51-3; | 


| DESIGN 


which = c,/Ly and ad ,/L,; and c,(d,) is the specified location 
x= = 6.8 = L, — d,) of the cross sections of the beam for the k span il 
ax(X) is equel to (x )| under the applied load p or g. Also, in Eq. 
10 i is 0. .0214L, ft (0. O7L,: m) by Specification for Highway Bridges (12) in Japan. : 


In this ca case, the total structural weight obtained by | Eqs. 7 and 10 becomes - ae 


inwhich W, > +5, ) + + Bi) + (3a) 


=—|G@,- 
‘ 2 a 
| 
a 
| 


-2,)- + 6( 


t,-4 a 


[1 + )-3 


ae may be used in minimizing the weight 


ag 


ey is selected as sL, and span ratios are ed, = =L OF x = 0. r and 1.0, , respectively, 
my Figs. 3 and 4. ‘In these figures curve one is for P only, and curve 5 “ 
for gq only. The specified ratios and the related values are given in Table 1. ed f 
Curves 2-4 give almost the same moment distributions regardless of =. 4 : 
load ratios. Fig. 5 shows the plastic moment distributions of two-equal ‘span 


continuous beam for three different dead loads correspond t to L, =L,= = 131 “| 


Three-Span Continuous Beam. and 7 ‘show the | plastic moment 
= ‘distributi ions of a symmetric three-span eee for the loading ratios given bd 2 
these L, is to , and the span ratios are A, 


be the same for the two- and three- -span beams. The came may 
foun for the side span = L, as shown in 4 and 


minimize the weight of cross ‘section for the given ‘plastic moments may 
be obtained by satisfying the wide-thickness limitation in flange and web plates 
"specified in the plastic design codes (1). The Z and “4 


yb 


w=—> 
ax) 
| ve 
¥ 
A= 


= web depth; w = web 
_ thickness; d= girder d depth; 4 ‘Ay = web area. ‘Thus, 


= d,/w. Since the of the section per unit length W 


in in which b = flange width; t = = 4 


= 0.4) 


| 
on 
— 
4q 
f L, a 
indicated pA from Eq. 15, where p is the density of steel, the minimum web 
n by 


ce. 
TABLE 1 —Combined Loading Ratios do Adis iter 


in feet 


(meters) 


5. Plastic Moment Distributions of Three B/S 


6—Required Plastic Moment Distributions of Three- Span Beam = 


| Ppl, | — 
12120 0.164 | 21 | 0328 | 61PL, 
1:2.8:2.0 | 0294 | 68PL, | 1310 
Nowa 00214 ROO 
‘ 


PLASTIC 
Ad 


‘thus the egtinnan sectional area of web varies also continuously. Since constant 
depth are tented as an example, Eq. 15 may become 


Z=C,( + d, 


7 
in which = = b/t. From Eq. 18 weight s sectional ‘may 


be obtained for any gi 


- 

ite 


7. Plestio Moment Distributions of Three- Span Beam L 


—Relations between Structural Weight of Beam and Depth of 

“Fig. 8 shows the relation between structural weight and girder depth when 

£. = 70 and C, = 17 for two-equal span beam [L = 98.4 ft (30 m)] “2 

different B/S ratios. In this ang abecians 


Thus, substituting Eq. 1 ratio 
of flange plates, the optim n Eqs. ‘ 

| 

its 
| 


girder depth ‘which leads to the n minimum weight may for | the 
‘wane Stepped Moment Distributions.—The continuously varying flange area in 
which is given in Eq. 18 may be modified by the stepped flange area in =a 
to perform more practical design. The modified stepped moment distributions 
_ may be smoothed by the dynamic programming approach (6) which is desired — 
- to minimize the stepped moment areas against - required plastic moment — 
Table 2 indicates the smoothing plastic moment t distribution for a loading 
- ratio ‘B/S = 2.0 and L, = 98.4 ft (30 m) as shown in Fig. a). This table 
also shows the relation between the number of subdivision and the length of 


= 


(a) 


stepped moment distribution for n = 5. The A, values in this table may be 
applied to the other loading ratios because of almost the same moment distribution 
‘Shapes being found for the specified B/S = 1.0-3.0 as shown in Fig. ghee 
_ Numerical Examples. .—Minimum weight design may be obtained from design 
chart of Fig. 10. This chart shows the relation between the B/S values and — 
: ‘the corresponding | minimum structural weight W and the optimum girder depth : 
4 which was developed for a two-equal span beam with L, = 98.4 ft (30 
m). Table 3 shows the numerical results as shown in Fig. 9(). Now, minimum 
ae design using the design chart may be shown as a design example. a 


‘minimum weight — obtained after the two cycles of trial and error metho 


AB Relations hetween Number of Subdivision and Length of Each Sublength 
| | As | Ae | Xe | Ay | Aw 
4. | 0.133 | 0.467 | 0.250 | 0.150} a 
4 5 | 0.083 | 0.100] 0.417/ 0.250} 0.150} | 
0.083 | 0.100 | 0.433 | 0.217 | 0.083 | 0.083 ? i, 
| 0.067 | 0.083 | 0.083 | 0.383 | 0.217 | 0.083 | 0.083} | 
8 | 0.067 | 0.067 | 0.083 | 0.333 | 0.083 | 0.183 | 0.100 | 0.083 | 1 q 
, 9 | 0.067 | 0.083 | 0.083 | 0.333 | 0.083 | 0.150 | 0.067 | 0.067 | 0.067 | a 
10 | 0.050 | 0.050 | 0.067 | 0.083 | 0.317 | 0.083 | 0.150 | 0.067 | 0.067 | 0.067 — 
Note: Multiply A, by span length L, (forB/S=2.0). 


length: 98.4 ft + 98.4 ft (30 m + 30 
0 


American Association of State Highway and Transportation Officials (AASHTO). 


" bee 4. Load factors: 1.7(D + L) (Ref. 1); D = dead load, L = liveload- 
5. Plate limitations: d,,/w = 70, b/t = 17 (Ref. 1). on. 
6. Used steel: SS 41 = 36,000 psi (248 N/mm of the 

=. 


Impact factor: i = 20/(50 + +L,)= 20/(50 - 30) =0.25. 


¢ 8. Ultimate concentrated pols load: P, = = 280 care x eh in. X ah + 0.25) 
x 1.7 = 70,210 lb 3 


wad 


Web 


Depth of 


10. for Two- -Span wn Beams 
9. Ultimate distributed kve | load: P. = = 0.5 Ib/sq in. x 118 in. x (1 - + 0.25) 


_ 10. Ultimate uniformly distributed dead load: q, = (118 ‘in. x 8 in. x 0. 09 


db Ib/eu i in. + 22 Ib/in.) x 1.7 = 1821b/in.G2kN/m). 
me 


Since P L,:q,L, = 1:2.1:3.1, B/S 1 leads to 3.1. “When = = 3.1, Fig. 


10 gives = 
58 in. 470 mm momen 


| 
| 
| 
| (195) 
| the structural weight per unit length becomes 25.8 kips/98.4 ft 
4 = 22 lb/in. and this dead weight coincides with the assumed steel weight. — 


| 
d,/ 70, and the dimensions o of the plates for ea each 
| Table 3 are summarized in Table4. 
Table 2 shows the A, values for two-equal span continuous beams. The A, 
. values may | be tabulated for L, = 131 ft and - Specified B/S ratios a, 


0.0295 
0560 
0.0787 


0579 


391 


Note: d _/w = 70; b/t= 
a 


TABLE 4.—Dimensions of Flange Plates | 


Flange, 


T 
ite 


th the required plastic moment distributions for B/S = =| 1.0-3. 0 are _— ae 

same. Therefore, the A, values in Table 2 for the chosen ‘ane of subdivision — 

a may be used to calcelate M ,(x)/M, of Eq. 10 and similar presentation of 
Table 3 may be obtained for L, = 10 m-60 m and B/S = 1.0-3.0. A generalized 
numerical table may be possible to give the M,(x)/M, values of Eq. 10 for 
the specified | number of of subdivision » n ' for the practical de design use. The | , , values 


| Values are in nondimension and as aiready shown in Pig. the Shapes 

in 70PL, | 3.96 | 03799 | 
| 3.0 = 0.378 | 0.368 
| 0.0558 | 0.883 | 

ree we we 
12.7 | 174 | 134 | 20.1 
(323) | (442) | (40) | (10) | 
iy) 6) | | 0) 


for syenmnetzignl three-span continuous beams by the similar way for the two-span 
~ This paper deals with the weight optimization | of | steel I-beams or girders. 
However, the | present method may be applied to the composite beams, since 
= required plastic moment distributions (Figs. 3-7) are obtained from tho 
equilibrium of forces. The required plastic moment may be met by taking the § 
_ composite cross sections in the positive-moment areas and the noncomposite Jf 
steel sections in the negative-moment areas. Since the dimensions of the ap me . 
y _ Slab may be taken primarily to carry wheel loads, the minimum weight design — 


= of the composite beams may be considered for the optimization n of the ee. 
The paper deals with ‘the: optimization of design 
continuous beams. The cost optimization of the beams as appeared to weight _ 
_ optimization may be extended on the basis of given cost models for material — i 
and fabrication. For constant web height, the material costs may be obtained -¢ 
E by calculating the cross-sectional areas of steel beams and the fabrication costs q 
— may be determined from the number of the stepped flange sections for the a 
required stepped moment distributions which are smoothed by the dynamic © 2 
_ programming approach. The optimization of those ‘inti may be obtained 
by balancing the cost of material and f fabrication (15). 


“eee 


dead load. The method, which obtained optimum cross-sectional shapes, is = 

P Main conclusions obtained from the results of this study are as follows: ae 7 
il G Plastic design method of n-span continuous beams consisting of any span 
ted, and the red plastic t distributi f two- and 
gth is presented, and the require plastic moment distributions of two- an 

‘three- “span beams are shown under combined, three dif ferent loading conditions; 

distributions of different load ratios; (3) optimum I-shape sections 

E which lead | to minimize the weight of the section for given plastic omen 

= . the required plastic moment ‘distributions are determined by the dynamic pro- 4 
Pd gramming approach in order to perform the practical design; and (4) an optimum — 
chart for two-span beams i Presented and | a example i is 
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rat brn digadl 
following symbols are used in this paper: 
each distance from (k— 1th and kth supports satisfy 
|M,,(x)| under live load P; rend 
thickness limitation of flange and web. plates; 


: any sele 
cut 


M ,,(x) hogging bending moment at any cross section; 
= bending moment on kth support; 
aid M (x) = required plastic moment at any cross section; 
= specified bending moment which is given by Eq. 

M = sagging bending moment at any cross section; __ 


il 
| 
| 
q 
4 
= cach distance Irom (kK — and kth supports satisty 
under distributed live load p or dead load 


DESIGN 


—— 
maximum sagging bending moment; a 
concentrated live load; 
_ partially distributed live load; 
_ uniformly distributed dead load; 
collapse load factor for live load P; 
total structural weight; = 
plastic section modulus; 
distributed live load ratio; De i 
distributed dead load ratio; and ay 


| 

q 
| 
Fre 
B 
| 
| 
| 


va 


. 
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Specifications writen this seeond way would have are 

ning bess thaw the twenty wow in use 7 
by fuur loading couditions). This spprnach fs 

Gafines the relatimasbip berween range ond 
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arate By Pedro Albrecht," M. ASCE and Simon Simon,? A.M. ASCE pa 
This paper examines ways in which fatigue specifications | for bridges and 
-~ buildings | could state the relationship between th the number of loading cycles, + 
Na and the ‘corresponding allowable stress range, F,,, for various types of 
‘ details. The presentation is limited at first to Category A through E details 
4 in redundant load-path structures. Category E’ and F details on nonredundant 
_load-path structures are treated later. 
_ The ways examined as follows begin with the mean regression line fitted _ 
_ by the least-square method through a set of fatigue tes test data on a log- log plot 


uar 
os the actual or applied stress range, y at versus the a actual number € cycles 


taking the antilog giv gives” N= 
with the substitution a = 10°. 
In Eq. 1, 6 and m are the ae coefficients. As par part of the ‘fitting 
_ process one computes the standared deviation, s, of the logarithm of cycles 
€ failure. Values of | b, m, and s are summarized in Table 1 for the five te» ol 
of detail whose fatigue test data (3,4) have become the basis for the — 
— fatigue specifications (8,9,10,11). The allowable number of cycles, N,, is a 
~ obtained by subtracting two standard deviations (8 = 2) from the right-hand ; 
in a which F, = the stress The trevor 
Taking the antilog of Eq.3 gives in wadsly 


4 "Assoc. Prof., Dept. of Civ. Engrg., Univ. of Maryland, College Park, Md. 20742. | 
?Struct. Engr., Sverdrup and Parcel and Assoc., Silver Spring, Md. fr Drees 
~ Note.—Discussion open until December 1, 1981. To extend the closing date one month, 
_ a written request must be filed with the Manager of Technical and Professional Publications, 
_ ASCE. Manuscript was submitted for review for possible publication on September 5, 
1980. This paper is part of the Journal of the Structural Division, Proceedings of the 
American Society of Civil Engineers, -@ASCE, Vol. 107, No. ST7, July, 1981. ISSN | 


| 
| 
| 


specifications (8,9,10,11) give the relationship defined by 
Eq. 4 in tabular form by stating the allowable stress ranges for discrete numbers 
of loading cycles, N,, (100, 000, 500,000, and 2 ,000,000) and | type of | detail 
(Categories A eons E). The three levels of loading cycles have no special 
_ Significance other than being about evenly spaced over the high-cycle fatigue 
: regime of interest. The allowable stress range for the additional loading condition 
of ‘‘over 2,000,000 cycles’’ is not derived from Eq. 4. It represents a safe 
_ value below which test data suggest that no fatigue failure would occur and 
: be thought of as a ee limit. This approach of current ‘Specifications — 


TABLE 1.—Summary of Analysis Results of Fatigue Test Data 


Rolled beam @ 22 4 gol 
Welded 


Transverse stiffeners 
2-in. attachment 
4-in. attachment 
Cover plate end 
. 


has two. disadvantages: (1) The nonlinear log-log N, versus F,, relationship 
would make any interpolation between the discrete points at car ‘cumbersome; q 
and (2) values are ill — for 


- To overcome these disadvantages several investigators have recommended © 
re 


placing the tabular format by an expression like Eq. 4. Schilling and Klippstein’s _ 
7) Suggestion v was to assume 3 a constant slope, m = = 3, for all five categories, 
and to assign | separate » values to the coefficient (A = 24x 10°, 10.5 x 10°, a 
3.7 x 10°, 2 x 10° and 1 x 10°, when F,, is given in kips per square inch) 
for Categories A through E. The choice of an integer-valued slope, m, was ou 
guided by the common knowledge that the slope of S-N lines and crack gown ' 


equations for ‘ferritic steels is is close to three and also by convenience. ot 


| 
| 
Category 
(7a 
085] 3.097 “O.158 
9.603 | 3.071 0.108 
9.2916 | 3.095 | 0.1006 


4 Specifications written in this second way would have to give a total of 11 
en for the : slope, ‘five for the coefficient in Eq. 4, and five for 1 the , 
safe fatigue limit. That is nine less than the twenty now in use (five categories 7 
q four loading conditions). This approach is unquestionably simpler and more © 
versatile. It also defines the relationship between stress range and life continuous- 
ly and not as a step function, as in current specifications. = nd af 
third way is proposed herein whereby the coefficient, a, in Eq. 2 is held — 
t, and the stress is by a fatigue notch 


“The: fatigue notch teeter is defined as the ratio of fatigue ‘strength ofa specimen | : 


ax: no stress concentration to the fatigue strength of a specimen with a stress 


AG. Calculation of Fetigue Notch tr Lines, 


forDesign Lines, K,, = = 


called a fatigue strength reduction factor. It is widely used ‘in piping, pressure 
: _ The idea here is to have only one stress range versus life line and to relate 
. = ‘to this reference line the fatigue strength of all other types of detail via the 


_ fatigue notch factor. In other fields of application, the fatigue strength of the 7 


concentration, i. a local structural The factor K, is sometimes 


polished surface of a specimen with no stress concentration is chosen as the 

: reference line. In building and bridge design, it is more meaningful to select 
the fatigue strength of the plain rolled | beam as the reference line for sales 

notch factor is then defined as unity, K 0. 


| 
| 
| 
| 


A an 


of cycles, as shown in Fig. 1 Vat 


between the stress ranges { for th teg x means at a 


7 the Som of the five mean regression lines vary, the AP ore notch 
factors were computed at 500, 000 cycles, about “midway on the range of 


= 2. of Fatigue Notch for Mean Lines 


(Eq. 2), f., Fatigue notch, 
in kips per factor, 
(Eq. 6), K, 


q 
“Based on transverse stiffener data. 3 
100 


REFERENCE POINT 
(800,000 CYCLES, 50.83 Ksi) 


oO 


= 


STRESS RANGE, Log f, (Ksi) 
7 


= 


7 
= 
| 
a 2.—Fatigue Notch Factors for Mean Regression Lines 


slope variations. Setting N= = 500,01 000 : an uting the ‘regression 
cients b and m from Table | 1 into Eq. 2 gives the an ranges listed in Table js 
2. Dividing these stress ranges into the 50.83-ksi (350-MPa) stress range for = 

Caen A, yields K, in accordance with Eq. 6 (see Table 2 and Fig. 2). 
_ For convenience, all mean regression lines were then assumed to be parallel " 

7 with a slope, m = 3.2, equal to the average of the six slopes listed in Table * 

+ . This leads to a single value of the coefficient, a, which can be determined * 

7 by substituting an any of the five sets of —_ of | = 500,000, K, 


= 500,000 (1.0 x 50.83)?? = 144 x 10”... 


Gd. 2 Zz 
i 
in which the values of K, in ‘Table and must be 
_ in kips per square inch. 


_ The fatigue notch factors for design, Kya, were determined next, assuming : 
again ‘the same reference point [500,000 cycles; 50. 83 ksi (350 MPa)] ‘on the 
mean regression line for Category A, as shown in Fig. 2 with a solid circle. 

"Conceivably, one have instead a reference point on oe design 


fatigue notch factor, ‘eh with a different reference point. a 
The fatigue notch factors for design, can n be calculated in two ways. 
One evaluate the expression = 
at N = 500,000 cycles, in which | F, = the allowable stress range for Category 
X given by Eq. 4. The second war is to increase the already computed K, 
values by a safety factor corresponding to the shift from the mean regression 
line to the design line. The vertical distance between the Category A mean 


line and the Category X design line is, as indicated in Fig. aren’ oF . a 


Bs/m A 4 


The safet on stress range is then . 


> | } 
a 
| 
q 4 
= 
Kya = log K, + Oa) 


1981 
(N) = et 


The current American Association of State Highway and rere Lacan 


TABLE 3. of Notch Factors for Design Lines 


Redundant Load Nonredundant Load Path 

Structures, (8B = 2) | Structures, (8 = 5.5) 


as 


‘Substituting into Eq. 10 the values of s, m, and K,, gives the fatigue notch © 
factors for design (see Table 3 and Fig. 3). Two Cateogry C lines are shown 
in Fig. 3. The upper line, identified with an asterisk, is based on the transverse 
“stiffener data. The lower and therefore governing design line is based on the 


2-in. (50-mm) attachment data. hex 


_@ 
Eq. 11) | (Eq. 10) 
“Based on transverse stiffener data. A> 
4 100 
60 
ms 


FATIGUE N NOTCH H FACTORS. 


144 x 10° 


Note the ‘the similarity with Eq. 8. Again, F, , must b be substituted i in n kips per square 


caters, wi for +8 (a ) 100, 000 CYCLES on 


N 


ter 


j 

(eo) 2,000,000 CYCLES 


DIFFERENCE 


————. 


4— -Deviation of Design Stress Range for RLP Structures ‘Specified in Various 
> (Present Study, AASHTO, and Ref. 7) from Confidence Limit at Two Standard 
_ To v verify the accuracy of Eq. 13, the design stress ranges were rge peal 
in Fig. 4 with the values calculated from the lower confidence limit at two | 
"standard deviations from the mean of the corresponding fatigue test data. At 


on the lower confidence limits. At 100,000 cycles and 2,000,000 cycles, the 7 
minor differences ; result from the slope variations with respect to the mea n 


| 

| 
“® | 
) 
4 
_ 300,000 cycles the percent difference vanishes because these points were chosen 
— 
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_ 
‘ value, m = 3.2. The largest difference is 2.5% for C Cones B at 100, 000 « bene, 
. Also shown in Fig. 4 are the percent differences for the design stress ranges 
listed in current specifications (8,9,10,11) and also for those Proposed i in Ref. - 
7. In the former case they arise from round-off errors. In the latter, they result 
from slope variations and from the selection of a nonaverage slope, m = 3. — 
Note that overall the proposed Eq. 13 most closely a the lower 2 


The AASHTO specification the table of | stress 
“ranges for nae tea. 4 load- -path (NRLP) structures form the values in the 
4. —AASHTO N Method of of f Specifying N, Relationship (10) 


_ Allowable Range of Stress, 
in kips per Square inch 


— 

j 100, 000. §00, 000 | 2 000,000 


° 5. 8 


10 =. 


table for redundant load- -path (RLP) structures by shifting each column of = 
- latter to the left by one loading condition. The reader can verify this by examining 
Table 4. For example, the stress ranges for RLP structures subjected to 500,000 
cycles became the stress ranges for NRLP structures subjected to 100,000 cycles, | 
and so on. This corresponds to increasing the safety factor on life of NRLP 


structures subjected to 100,000 cycles, 500,000 cycles, and 2,000,000 cycles 


by an additional factor of 5, 4, and a variable amount, respectively. _ Furthermore, 4 
the a. factor o on mn the fatigue limit for NRLP structures subjected to over 


\ 
= 7 
| 
cycles 
Redundant Load Path Structures 
(b) Nonredundant Load Path Structures 
bs 


— 


for Categories C, D, and E by an additional of 1.10, 1.4, and 2.0, 
respectively, over that for RLP structures. Since stress range is related to life — 
_ by the root of 3.2, a factor of five and four on life corresponds to a a 
7 of 1.65 and 1.34, respectively, on stress range. The aforementioned observations _ 
- point to the inconsistencies in the criteria for setting the allowable stress ranges _ 
_ for NRLP structures. Furthermore, adding a full table of allowable stress ranges" 
_ for NRLP structures as AASHTO does, is both cumbersome and also unnecessary. 
se. deficiencies of the present system can be easily alleviated. Following | 
one viewpoint, one could assume, as is done in the current AASHTO specifi- © 
- cations, that for NRLP structures the Safety factor on life should d be a 
Id 
I. 65 ‘dectease of the design 


correpond to a factor of = 


4 


STRESS RANGE, Log 


. 5. —Proposed De Lines for Load Path Structures 


_ The allowable design lines for Category A through E details i in NRLP structures — 


fatigue limits could be Teduced t by the factor to preserve 

A second viewpoint recognizes that a constant factor of safety does not impl : e 
P- constant failure probability; the two approaches should in fact not be mixed. " 


In current fatigue specifications for RLP structures, the tabulated pairs of stress 


= 40 40 
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‘two deviations on 
corresponding mean regression tines. The design lines correspond roughly to 
_ the 95% confidence limit for 95% survival, or a failure probability of P, = 
0.05. Extending this viewpoint to NRLP structures, one would set the design — 
lines at a constant number of standard deviations from the mean, say, B =— 
a The fatigue notch factors for design, K yas Of Category A through E details’ 
on NRLP structures were obtained from Eq. 10 with B = 5.5, m and s values 
be TABLE 5.—Safety Indices and Safety Fac Factors for Details on on NRLP ’ Structures Des i 


| range, F,,, Cycles | to Safety factor 

| inkips per | failure, factor on stress 
Square inch | N(x on life, | range, 
Category (Table 4) | (Ea. 2) 
| 


(EQ. NIN, (WIN, Mg 


10.9 
87 


10,182 
«13,457 


Based on transverse stiffener data. wre agvig 


from Table ‘eg and K, from Table 2. The “results are shown in Table 3 and : 
_ Fig. 5. Note that Eq. 13 used earlier for RLP structures, also applies to NRLP | 
a Returning to the first t viewpoint, one can now see that imposing an additional — 
- uniform safety factor on life above that implied by the two-standard- deviation | 
shift from the mean, as AASHTO does for NRLP structures, leads to nonuniform 
indices can be ‘computed by dividing the standard deviation on 


4 
— 
5 


life, s, into the distence between a a failure life. and life (N ,) 
at the same stress range ( F,,), as shown by the distance f-din Fig, 1 
was evaluated for each p pair of values F and N N, for NRLP 
listed in Table 4, with F, sr being substituted in Eq. 2 to obtain N. The values 


~4 of b, m, and s for each category were taken from Table 1. The safety factor 


4 


on life is N/N,, the factor on stress the root 


4 


“oo 


‘PRESENT STUDY, NRLP STR, 

AASHTO, RLP STR, 


sh, 


‘ of the ener. in accordance with Eq. ll. The ‘calculations are summarized 


_ The safety indices implied by the AASHTO fatigue specifications are mane 


_NRLP str structures varies both with loading case and type of detail from a low f 
value, B = 1.96, for Category A at 2,000,000 cycles to a high value, B = 
8.92, for Category E at 100,000 cycles. Correspondingly, the failure probabilities 
vary from 2.5 x 10~*-2.4 x 10°". In this study, the proposed safety index 7 
_ is a constant B = 5.5 for all loading cases with an implied 1.9 x 10~* failure 
_ probability. The design lines for NRLP structures proposed herein are preferable __ 
because ensure a failure probability. They also consistent 


he 7 
ot ites 
TG. 0.—Comparison OF Safety indi for Categories A through 4 
| 


with ‘the: specification | for RLP structures for which the safety index is a constant 

_B = 2. As a matter of interest, Fig. 7 compares safety factors on stress range 
implied by AASHTO and in the present study. at 

In current specifications the allowable stress ranges for Category C details ; 
are calculated from the 2-in. (50-mm) attachment data, because for B = 2 this 
line falls slightly lower than the line that would be obtained from the transverse 

_ stiffener data. When B = 2.56 the line based on the stiffener data gum fal 


lower. Therefore, the stiffener data was used in this study when = 5.5. 


Sie 
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4 


— AASHTO, NRLP STRUCTURES: 
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FIG. 7. ot Posters for categoria A through E’ 


In line with this observation, it is not justified to permit a fatigue limit for 
stiffeners on NRLP structures higher than that of 2-in. (50-mm) attachments. S 


pation 

‘Recent tests on full-size cover-plated beams with flange thickness greater 

than 0.8 in. (20 mm) have demonstrated that thick cover plates have less fatigue 


E’ to reflect: these test seoults (6). All beams tested at 8 ksi (55 MPa) ‘stress. 
range fell in the finite life region whereas some of the beams tested at 6 ksi 
(40 MPa) and 4 ksi (30 MPa) did not fail even after application of at least 
20,000,000 cycles. A definition of the finite life region should therefore be based — 
on the 18 data points at 8-ksi (55-MPa) stress range for which the mean life | PS 


* is 1,890,000 cycles, with a standard deviation of log-of-life equal 0. 56. 


| 
| 


 ecalaiae a slope m = 3.2 as for all other details, | the intercept ot of the 1 mean 
life is, from Eq. 1 b = log 1.89 x 10° + 3.2 log 8.0 = 9.1663. ie ae 
_ Computing the stress range from Eqs. 2 and 4 for N = 500,000, m = 3.2, | ; 
8 's = 0.1943, and b = 9.1663, and dividing the Values into f, = 50.83 ksi (350 E 
MPa) (for Category A) gives K,= = 4.19 and Ky * = 5.55 for Category E’. These — 
5 calculations are summarized in the last line of Tables 2 and 3, respectively. me 
& The AASHTO allowable stress ranges for Category E’ were derived from 
fracture mechanics of crack growth assuming a hypothetical initial 
crack of a = 0.030 in. (0.76 mm) depth (5). They are equal to 16 ksi, 9.4 a ' 
_ ksi, and 5.8 ksi (110 MPa, 65 MPa, and 40 MPa) for the three finite life loading a 
rq conditions of 100,000 cycles, 500,000 cycles, and 2,000,000 cycles, respectively. 
- ‘The corresponding values derived in this study (using a statistical approach | oe 
; based on a two-standard-deviation shift, as had been previously done for 
_ Categories A through E) are 15.2 ksi, 9.2 ksi, and 6.0 ksi (105 MPa, 65 MPa, : 
and 40 MPa). Note that the two allowable stress ranges calculated with the 
fracture mechanics method are consistent with those calculated with the statistical _ 
> 
The only category not yet considered is for the shear stress on the throat j 
of fillet welds. . This condition falls under Category F and has, in current — 
Ee an allowable design line with a slope of m = 5.9. Its deviation 


from the mean slope, m = 3.2, for all other categories suggests that stress 
range is not the only variable governing the fatigue life. Some other significant 
"variables may be weld size, plate thickness, and lack of penetration at the 
weld root. Until a fatigue design procedure for Category F details is developed * 
that is suitable for inclusion in the specifications, it may be best to take the 
lower bound approach of Ref. 7, namely to apply the Category E design line 
to Category F details. In that case, the fatigue notch factors for Category F 
would be the same as those for sires Elistedin Table3. 
The fatigue notch factor, K, oe is related to the theoretical stress ; concentration — 
_ factor, K,, and the geometry correction factor, F, (1). The connection a 
the three can be shown to exist with the aid of the fracture mechanics approach 
effect of stress concentration enters the crack grov growthequation 
through the stress intensity factor range, A. K, which can be conveniently expressed 


_ case of the central crack in an infinite plate to account for effects of elliptical P 


crack front F,, free surface Ve finite width fe and stress gradient, P,. 
& interest here is the term F,, called the geometry correction factor in Ref. 
1; it is a measure of the stress field elevation at a point of stress concentration — 4 
"where fatigue cracks are known to initiate, 
When the crack is very shallow, the geometry correction factor approaches — 
value of the theoretical stress concentration factor, i.e., _= K, AS the 
crack d deepens, the > leading edge grows 0 out of the region of stress $ concentration, — 
_ Integrating Be. 16 gives an expression for the fatigue life, N, which is similar 
to Eq. 5 and suggests a relationship between K, and F,,. The value of K, 
is approximately an average of all F, values, weighted by the inverse (n/2-1)th 
_ power of the crack size as it changes from the value at initiation to the value » 
fa at failure. Because of this, and because the geometry correction factor varies” 
from F, = K, fora crack of “vanishing size to F, = | fora deep crack 
it then follows that the fatigue notch factor, K,, must always be smaller oll pe 
the theoretical stress concentration factor, K,. The values of K, listed in Table 
2 are indeed smaller than the values of K, reported in the literature for the | 
same details. Conversely, substituting K,= K, in Eq. 8 } would yield a conservative 
lower bound estimate of fatigue strength. od 


_ The choice of a safety index is a matter of judgement. It depends on pe 


3 eventually causes failure of a main member, human life may be lost. For his 
type of structure, AASHTO rightfully espouses a conservative low-risk 
approach. To improve on a the specifications, one only needs to set a uniform 


of B = » 5 (see Fig. 6) seems as plausible. 
‘The RLP structures do not normally ‘collapse w when one member fails. The 
cracks become apparent and the bridge can be closed before any human lives 
are lost. Still, the inconvenience to the public and the total cost of having — 

& close a bridge for repair of fatigue cracks call for more conservatism in 
designing RLP structures than that implied by a "safety index, B = = 2. The 

¥ approximately six-order-of-magnitude decrease in failure probability, from P, 
= 2.3 x 10°* for RLP structures (8 = 2) to P, = 1.0 x 10 for NRLP 

: structures (8 = 5.5), seems unreasonably high. If the failure probebility for 
NRLP structures is considered to be adequate, then the failure probability for 
RLP structures is too high. The AASHTO specification writers should consider — 
making the design of RLP structures more conservative. Structures designed — 
for static loading have typically a safety index of about three. Structures designed — J 
for fatigue loading should have a higher safety index because the fatigue life P 
_ is extremely sensitive to the size of undetectable initial flaws which are known 


| 

| 

| 
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= 

based on the same two-standard-deviation shift from the mean as those for 
RLP structures in the AASHTO specifications. They need not be made more 
conservative, however, because the details are already conservatively designed i 


for the actual number of loading cycles as if each of them would induce ~ 


_ smaller stress ranges. Therefore, the actual safety index is much larger than 


; - In contrast, the AASHTO specifications account for the variable nature of 
the load history by permitting a fatigue design for a reduced number of maximum 7 


"stress | | ranges through : an intentional mismatch between the design number of 
cycles and the actual number of cycles. mismatch the 


a The classification of details in current fatigue specifications by stress catego 


is, int reality, a by of stress concentration of the detail. 


TABLE 6. —Proposed Method of Versus F, 


maximum computed stress range while most loading cycles are known to than . 


| Redundant Load ~—sNonredundant Load 


_ Baas kips per  kips per 


| Structures = | Path Structures 


the basic iden. ‘Eq. 13 accomplishes this ‘objective by premultiplying the 
range with a fatigue notch factor which accounts for the severity of the stress 
‘concentration. Furthermore, the use of fatigue notch factors makes it easier 
‘ _ With the advent of automated structural analysis and design, one must have — 
=. specifications suitable for inclusion in computer programs. Eq. 13 satisfies wl ; 
~The information contained in Table 1.7.2A1 of the AASHTO fatigue : specifi- 
cations was reproduced in Table 4 of this paper. It is proposed that this information 
be rewritten in the format shown in Table 6. In Table 6 the allowable design — 


F 
| 
| ‘Relationship 7 


"fines are are = 144 x 10° O° (K ,)°? for F, 2 = F, in which Kru and F, 


= 


the principal points n made in in this ‘paper are as follows. 


. They proposed design lines approximate the confidence limit at two standard 


. 13 fall, 


3. The fatigue limits are identical to those in ‘AASHTO, except ‘that only 
“one value | value [10 ksi (70 MPa)] is retained for ud for 


Nonredundant Load Path Structures 
1. The proposed design lines approximate the confidence limit at 5.5 standard 
deviations below the mean (8 = 5.5, P, = 1.0 ee es 


2. The proposed design lines fall, for the most part, higher (less ative) a 


than those specified by AASHTO. 


3. The fatigue limits were set uniformly at a factor of 1.5 below those for 


= Thick cover plates (Category E’) on NRLP structures are permitted on 


the grounds that their design line is based on the same Seibere —r as 


General Observations 


The advantages of the proposed approach are: (1) way walle 

- fatigue design lines, requires only one-half of the number of values stated in 
AASHTO specifications; (2) suitable for use in computer-aided analysis and 
design; (3) continuous definition of F,, versus N , relationships; (4) classification _ 

7, of details by fatigue notch factors  apged to the stress range to directly account — 


2. The is ready for legal use in the and | design 
of RLP structures since it gives the same F,, versus N, values as those in g 
«3. The design equation for Category E’ details is based on the same ‘Statistical ia 
4 concepts as those for Categories Athrough E. 
~~“ 4. Category F details could be conservatively designed to the allowable stress a 
ranges for Category E, as suggestedin Ref.7, 
: _ 5. The approximately six- order-of-magnitude decrease in specified failure — 
: probability from P, = 2.3 x 10°? for RLP structures to P,= 1.0 x 107 * for ‘< 
NRLP structures seems unreasonably high. Assuming that. the latter is about - 
right, then the design of RLP structures should be made more conservative. wha 
«6. All design lines mentioned in this paper account only for variation in 
_ resistance but not in load. The latter should also be considered in any future 
revision the method of secomplishing this was presented 


| 


mm It is emphasized that this paper shows how the current method of specifying — 


fatigue design lines can be simplified and made more versatile. In attics, 
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symbols are used in this paper: The. 
coefficient in allowable S-N line; ely wuh 
coefficient in mean S-N line; 


= 


= in intercept of mean S-N line; ae we | 


‘coefficient i in crack growth equation; des 
= crack size dependent function; 


= fatigue limit; be Te coe 


dere! © 


F.S. W) a factor of safety c on 1 life 4 es 


_ stress range for Ca Category X mean S-N line; 


_ allowable stress range for Category Xx design lin 


é 
q 
q 
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“fatigue 1 notch factor; da 
fatigue notch factor for design; 
theoretical stress concentration factor, 
number of cycles to failure, fatigue 


= allowable number of cycles; 
n = exponent in crack growth equation; 


= probability of failure; 
vam Standard deviation on log of fatigue life; 


“number of standard Govietions below the mean and/or 
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InrRoDUCTION 


The inelastic response of large. structures subjected to seismic 


_ has been the focus of extensive research in earthquake engineering during the 

: past 15 yr (2,3,5,7,8,9,10,11). More recently, inelastic dynamic analyses" have 

been carried out as part of the design p process for special structures, ‘such as” 
. template offshore platforms constructed in seismically-active areas (1, a 

_ Modeling of flexural members for such analyses is usually based on. the 

_ assumption that ideal plastic hinges with zero length are formed at the member — 

_ ends whenever the bending moment exceeds a limiting value. Such idealizations _ 
ae known as point hinge models | and lead to post-yield stiffness coefficients 


es, that remain constant as long as the yield state at both ends remains unchanged 2 


— (6). In reality, however, point hinges are plastic zones that spread over a finite | 
- - overstress. This effect has been examined for the case of an antisymmetrically- 


length and the stiffness coefficients are nonlinear functions of the amount of 
loaded beam and was shown to be important for curvature ductility estimates 
_ made on the basis of point hinge a assumptions (11). Although more accurate — 
formulations are possible, e. g., see Ref. 9, high computational and ‘storage 
requirements ‘limit their application to structures with a very small number of _ —s_ fj 
_ Since most of the existing computer programs for inelastic, dynamic, seismic — 
enalyete of large-framed structures use point hinge idealizations, it is desirable — 
_ from a practical standpoint to approximately account for the effects of yielding 
_ spread through a judicious selection of plastic hinge properties. This problem - 
is addressed in the present study. The scope is limited to flexural members q 
stable hysteretic characteristics that can be adequately modeled with bilinear 
-moment- -curvature (M-¢) relationships. Uniformly-distributed transverse gravity 
i; are considered, but axial load effects are neglected. Therefore, the a 
3 ‘primarily applicable to “members < carrying small or no axial loads as, e.g., 4. 
beams in typical building frames. They could also be applied to a class of a , 
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columns, namely those in the | presence Zi affects only 

| the yield level, but not the shape of the M-¢ hysteretic loops. If this is not 

F case, an approach similar to that in Ref. 1 could be followed. - Ductility ; 
factors commonly used with point hinge models are also examined and they 
are compared i in two example applications the al this 
study. 
— 


: There are two different beam idealizations based on site hinges: the 


one-component and the two-component point hinge models (3,6, 10). Both have 


‘State a rst Two-Component Model 


— 


oat 


k = 4EI/L, g, £ = second slopes of the point hinge models. ~~ + cabs 


End rotations are chord at the deformed 
Stittness Coefficients of Point Hinge Models 
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been extensively as the simplest of the complex hysteretic 
behavior experimentally-observed for various types of flexural members. For 
each of four possible yield states, the force-deformation characteristics of the 7 
“two me models are expressed in terms of a post-yield stif fness $ parameter and the 
Ly 
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«FIG. 3. —Approximations of Nonlinear Moment- Rotation Diagram 


= member properties; see Fig. 1. Transverse or axial gravity loads are 

_ usually applied as end actions, while bending-axial interaction is accounted for _ 
3 modifying the yield moment through an appropriate interaction diagram. 


Because of the difficulty in noes in establishing appropriate values for the © 


q 
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post- yield stiffness parameters, , g and f (see Fig. 1), it has become customary 
to identify them with a strain-hardening ratio, p, expressing the second slope 
= in a bilinear M- diagram that idealizes the cross-sectional properties as shown ot 
_in Fig. 2. This assumption, however, underestimates the actual member stiffness, _ 
except for the trivial case of a constant bending moment along the member © 
_ or when p = 0 (4,11). A better and more correct approximation would be to 7 7 
determine plastic hinge from 2 an moment- t-rotation (M-0) 


diagram. For a point E on the M-@ curve, AE defines the incremental secant © a 
stiffness, SK, CE defines the tz tangent s stiffness, TK, and BE defines an interme- 


4 diate value, SK, based on equating strain energies. The three paths, AE, “ABE, 
> and ACE are obviously better choices than AF. This or requires an 


s M-6 relationship : since a diagram like ‘the one in "Fig. 3i is not v unique, but depends 
on several factors, such as relative magnitude of the time varying end rotations, 
moment gradients, loading sequence, gravity loads, etc. Given that for a member 
in a seismically-excited structure most of these factors are essentially random 
_ functions of time, a parametric investigation covering their probable range appears | 
“to be necessary, in order to establish an “average” ’ engineering M-6 curve, 
_ as well as the sensitivity of the resulting point hinge parameters to variations — 
in the aforementioned factors, 


Sounions FOR Memeers with SPREAD OF 


‘The solutions to be presented here were fora member 
whose cross section has the bilinear moment-curvature characteristics shown > 
4% Fig. 2. Such . diagram is itself an idealization of more complex relationships _ 
that depend on material and cross section properties, residual stresses, and 
axial I loads. While any desired relationship cx could have been used, 
to specific sections or materials is — - faaes of this work. Fig. 4 shows" 
a 


4 
| 
J Fig. 3, in which ADE is assumed to be the true M-6 curve, and AF is . 
— 
| 
FIG. 4.— o Loading Cases: (a) No Gravity Loads; (b) Gravity — 


the cases for which the beam oon one any loads 
another under a uniform gravity load, q. Bending-moment diagrams, the 
in moments causing the ‘rotation ‘increments indicated at ‘the t top 

_ of the figure. Dashed lines correspond to some initial state of member deformation, _ 
eos the darker regions mark the yielding zones, which has lengths Sangantes : 
wn Imposed End Rotations without Gravity Loads.—The loading in this case consists 
of two rotations, A@, and A@,, in which A@,/A6, = n. It is assumed that | 
_ before these sotations are applied, the 1 enseaber i is bent by two end moments, 
_M, and M,, in which M, = cM, (c = 1) and M, = M,. Parameters n and 
c were iatrodeced to simulate, in a static manner, earthquake 
conditions. This approach was followed because nonlinearity does not allow 
Separate treatment of various loadings and subsequent combination by means 
of ‘Superposition. For c + =1, both ends are yielding while for c < 1, one end 4 


is elastic and the other starts to yield. The case c= 1, n = 1 corresponds 


a to a perfectly-antisymmetric loading, and has been studied in Ref. 11. From 
the moment diagram on the left of Fig. 4 and the bilinear M- relationship — 
of Fig. 2, the curvature distribution along the member axis can be expressed. 
Integrating twice and applying boundary conditions, the post-yield 
stiffnesses, defined as Ss, AM and S, = AM,/A6,, c 
related to AM, through oe aud n and c. If AM,/M, = v; L,,/L = z 
K, = 2El(2 + and = 2EI(2 + n)/L, in which K, and K, 


ret 


1 Elastic, End 2 Plastic =M 


a 3nrvz* + [3(n v+(n+ Diz —(n + = 


-@ +1 
2+n 


¥ 


+ 1)v + 6r + 2] + 2} y? + 2)(r + 0 


the interval 0 Gs 


| 
‘S, 
) 
| 


Equations: 2 and 5 ¢ can be solved fie different values of Pp, Nn, 
and c. Curvatures, rotations, stiffness ratios, and ductility factors may then 


4 2 be computed as functions of the nondimensional moment increment, v. Fig. — 


¢ _ 5 shows plots of post- yield stiffness ratios from Eqs. 1, 3, and 4 for two éecity 


wigs 


which 6,, = M, ere + ‘L/n) 

+ with the elastic stiffnesses K, and K,. _ While several other indices ‘coal eg 
¥ been used, B, was chosen not only asa convenient measure of inelastic rotations, 


+: but mainly because it is appropriate for both spread and lumped plasticity models. 
at; 


: : The m main | characteristic of all the curves is an | almost vertical drop i in ‘stiffness a 


“4 can be seen that the ratios S/K are not very sensitive to changes in n or 
7 at least for the range of values used herein that may be expected to cover 
structural members ‘in seismically- -excited building frames. Under | 
Symmetric loadings: (c= n= S,/K, becomes equal to S 2/K, and 
e.. curve is always between the two curves resulting for any other value 
. of n # 1. The dashed lines in the two graphs give the stiffness ratios of a | 


two- -component point hinge model under the assumption of g = p. Obviously, — a 
3 value of g greater than p will provide a better approximation +12 .: 


hid 


Imposed End Rotations in Presence of Gravity Loads. —This is the case on on 


_— the right of Fig. 4, and was solved numerically for equal end rotations (n ne a 


oD three values of g, and under conditions of one or both ends yielding. veareas 


| 
7 
4 
‘FIG. 5 —Comp 


BEAMS. 
4 are shown in Pie, = 0.05 and M,/M, = 0, 0.2, 0.5, in which 

= qL*/8. The graph on the left gives the ratios S,/K, and S,/K, when both © 

“an are yielding (starting with initial end moments equal to M,), while the 

graph on the right is for the case where initially only the left ‘end is yielding. 

_ The abscissa is again the rotational ductility factor with normalizing rotation — 

; 8, = M,L/6EI (Eq. 6 for n = 1). The changes in S/K due to gravity load 
depend on the slopes of the bending moment diagram, so that for End 2, where | 

the diagram is quite flat there is a decrease in stiffness ( plastification length 
has increased), while for End 1 where moments drop sharply, the post-yield | 
stiffness has somewhat increased (plastification length has decreased). For 
M c/M, = 0.5, the initial moment diagram has a horizontal tangent at End 
2; therefore this is a limiting case if ar mea is to be a at the member 


; 


when n = c = 1. The curve for q = 0 (no gravity load) is again between td 
2 the two curves resulting fo for Ends | and 2 under the action of gravity load. 


The results of the preceding section indicate that the the 
or - bilinear M- diagram is not a good choice for approximating the second slope — 
of the point hinge idealization. They also show that end loadings similar to 
4 those created in a seismically-excited framed structure lead to post-yield stiff ness" 7 
ratios for the two member ends, one of which is greater and the other a 
than | the ratio resulting from an antisymmetric loading by two equal end moments. 
The ‘greater | (or smaller) values, however, will at times correspond to one or 
&. the other end, depending on the direction of loading that reverses at random 
= during an earthquake. This effect, combined with the fact that for a wide range — 
of loading conditions the difference between the two values is not very large, 
makes the simple antisymmetric loading (n = c = 1, g = O)a logical choice 
for the determination of hinge pose In this case, = 


& 
| 
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pt age 
slightly different form of has also in Ref. 
a better approximation of the nonlinear M-6 branch, the linearization based 
on equating energies (see Fig. 3) can be used, leading to the following eqpraneops 
_ for the yield moment and post-} yield sti one of the equivalent bilinear system 


FIG. 7.—Post-Yield Stittness and Yield Ratios Derived t Energies’ 


(Eq. 6), which forn = = landg = 0 takes the att! 


a a value of in and with some estimate of expected rotational ductilities, 
the two sets of curves can be entered to give post-yield stiffness and yield 
moment ratios. Then, it follows from Fig. | that for a two-component model, — a 
8 should be taken equal to 5/K, while for a one-component model, f should © 
. set equal to 1.5(§/K)/(1 — §/K). For both models, the yield moment 
should be set equal to M, . The desired level of ductility limit can be used 
* as an estimate for all members in the structure. If, however, a second analysis 7 
can be afforded, improved results will be obtained by using revised S/K and 
‘ M p/M, ratios based on the computed member ductilities from the first analysis. 
” As for the values of p and M,, they can be determined from the M-¢ relationship — 
= of the cross section by linearizing the post-elastic branch. Experimental or 
theoretical M- diagrams c can be used fo for this purpose. desired 


“These two ratios are shown in Fig. / as functions of the rotational ductility 4 


BEAMS: 


a M-> relationship could be used directly to derive ap appropriate S/K and M p/M 
thus avoiding the approximation involved in establishing values 0 


‘Sone Comments ON Ducrusry F Factors bactanca ase” wee 


The used work is a nondimensional index 


_ that characterizes the severity of plastic rotations at the ends of a member. 
_ Since similar factors are also computed for other response variables, such as. 
- displacements, curvatures, ete. , some care should be exercised when entering 
the curves in Fig. 7 to use ductility estimates based on the appropriate definition. 
* _ Tiere are two ductility factors most frequently encountered with point hinge 


introduced in Ref. 5 and is defined as 


which 6, = ‘the maximum hinge rotation; and 6, I. 

« the simple case of the antis ymmetric loading, plastic hinges form bal tlh al 
at both ends, and as a result, 6, becomes equal to the end rotation increment 
beyond the yield rotation, @,; therefore Eq. 11 is an appropriate definition 

for obtaining plastic hinge properties from the graphs in Fig. 7. For a given 
member, a certain value of », implies always | the same plastic rotation no matter 
how the boundary conditions vary or whether gravity loads are present. However, 
for loadings other than antisymmetric, 6, is not a yield rotation anymore, and 
thus, », is not a ductility factor by the strict definition of the term. To avoid — 

have Detth in order 

ga moments rather than curvatures are available from the analytical model. 

| Eq. 13 was shown in Ref. 11 to be a gross’ underprediction of the true qureatiens. 
_ ductility factor. This is because of the implicit assumption that g = p, which — 

underestimates the post-yield stiffness significantly (see Figs. 5 and 6) and leads © 
to moments, AM, that can be several times smaller than those from spread 

_ plasticity considerations. For a correct interpretation of .* , the moment- — 
- relationships of the point hinge model must be used. Writing, e.g., »* for End 

* of the member and expressing (gM, + AM) in terms of the total end rotations 

8, we can transform Bq. 13 to. 


| 

| 


ean can w views as another of rotational ductility factor, one with 
_ a “‘yield”’ rotation that reflects the boundary conditions applicable when the 


total bending moment at the end under consideration becomes maximum. In 
‘ fact, if Ends 1 and 2 of the elastic member are rotated simultaneously so that | i 


the ratio of the two rotations remains constant and equal to 8, ,/8,, the rotation ae qj 
sat which End 2 yields, assuming End | remains elastic, is equal to the denominator ra 
in Eq. 14. For antisymmetrically-deforming members (e.g., qonter of 
symmetric frames with no gravity loads), 6, = 6, and thus p* = . This : 


interpretation can explain the small differences between the two f factors reported 


p=0.005 


suv ROTATIONAL DUCTILITY FACTOR (Hr) 
8. —True Ductility Factors as of Rotational Ductility — 
in Ref. 8, which are contrary to what would be expected if u* expressed curvatures ay 
- Rough estimates of inelastic curvatures may only be developed by making — 
7: a distinction between parameters g and p. Moreover, if the analysis is carried 
a out with plastic hinge properties determined from the curves in Fig. 7, post-yield 
moments will not be systematically- -underpredicted and asa result, more realistic 


curvature ductilities will be obtained from 


= 
| 
| 


nus be emphasized, however, that this is still a a crude approximation that oa 


in only be as good as the assumptions underlying the parameters of the — 

_ hinge model. If more accurate values are required, then the point hinge aay. 
should be replaced with a ponrrgemecaye based on curvatures or strains. Rotational _ 
_ they are controlled more by the stiffness of clastic members adjacent to - 

yielding locations and less by the plastic hinge parameters. 
Fig. 8 gives some idea about the relative magnitude of the two indices aie 
Fe end conditions and for different amounts of strain hardening. The curves _ 
ee were derived from the solution given earlier for both ends plastic and no gravity 
_ loads (Case |- -b). Depending on the value of p, and to a lesser degree on the 
ratio’ n, curvature (or strain) ductilities can be several times greater an 
rotational ductilities. As P approaches zero (elastic- -perflectly 
pati M-), the plastification zone comes close to becoming an ideal plastic _ 
hinge of zero length, and curvature ductilities with the onset 
‘The choice between the two indices should be determined from ‘the failure 
criteria by which the integrity of the member is to be _ evaluated; ‘such criteria. 
_ must be based on experimental results reflecting the complicated loading histories _ 
imposed by earthquakes. In practice, ductility factors are often used as the 
_ simplest indicators of potential failure and thus, they have become the most 


" essential response parameters in evaluating the adequacy of seismic structural — 


; As an ee oft the preceding derivations, and in order to see the sensitivity 


of response to changes in the modeling of plastic hinges, two frames were 
analyzed using an extended version of the computer program DRAIN-2D (4). 
‘The frames are four stories high and ten stories high, both symmetric and 
_ with three equal bays each. They are the same frames reported in Ref. 8, 
except that their strength properties have been modified in order to have an | 
adequate design for the earthquakes considered here. Beams were modeled 
using two- component hinge elements, while columns were kept elastic 


the ‘girders i is a objective i in earthquake resistant ‘design of ductile 
- building frames. Bilinear M- properties with p = 0.01 and p = 0.03 were 2 
_ further assumed for the beams of the four-story and ten-story frames, respectively. | 
Analyses of the four-story frame included gravity load effects (as member end a 
_ actions) and were carried out using the S69E component of the 1952 Taft d 
earthquake record, scaled to a peak acceleration of one-third the acceleration _- 
of gravity. No gravity loads were considered for the ten-story frame and the 3 
_ analyses were performed using the NS component of the 1940 El Centro | 
_ earthquake, scaled toa peak acceleration of one-fourth the acceleration of gravity. > 
_ Each structure was analyzed three times: (1) Using the original (design) yield © 
moments M, and assuming g = p, in accordance with usual practice; obviously, — 
better estimates could have been made by looking at Fig. 7; (2) using g — 
S K and yield moments M , obtained i ——— the curves in Fig. 7 with — 
of 


ays 


mm 
| 
| 


re a, based on the ductility factors determined from the second analysis. 2 
It turned out that for both frames, results from the third solution were practically — g 
identical to those from the second, indicating that one iteration, if it can be 
is sufficient for the types of frames considered herein. 
ee displacements of the ten-story frame are presented in Fig. 9. It 4 
can be seen that the amplitudes and the ‘‘apparent’’ period of vibration, beth. e 
of which are controlled ed by elastic member stiffnesses, have practically | remained — a 


oil 

7 


FLOOR 


9. 9.—Time History of Top-Floc “Floor oF Displacement: Ten- Story Frame 


\ 
ry 


8 


FIG. 10.- —Ductility F Factors of Ten-Story Frame: (a) Exterior Beams; (b)t Interior Beams a 
unchanged. . However, the second and third analysis predicted less inelastic action : 
_as indicated by a 16% reduction in the peak displacement and by the substantially 
_ smaller permanent set. This becomes more apparent in Fig. 10, in which ductility z 
factor from the three solutions are compared. Lines marked 1 and 2 give 
_ the rotational ductility factor, », (Eq. 11), those marked 3 and 4 designate 


the index, » * (Eq. 13), and finally, those marked 5 and 6 give the crude estimates _ 


q 
| 
i 
4 
} 
q 


INELASTIC BEAMS 


of the true curvature ductility factor, ., recommended by Eq. 15. As 
_ such indices are more sensitive to changes in plastic hinge properties than global 
ve response parameters. In terms of rotational ductilities, e.g., the maximum _ 
a. difference between the original analysis | (g = /p = 0.03) and the two iterations } 
is close to 45% (for the second floor exterior beams). The relative magnitede: 
of the three indices should also be noticed since it has significant practical a 
implications. For a rotational ductility, »,, in the range vais two to three, the 
corresponding estimates of the “‘true’’ curvature ductility, .., are roughly three 
times greater. Furthermore, the index is either identical or very close to 


_.. For the interior beams that deform in perfectly-antisymmetric shapes, p* 


© ae as explained earlier, while for the exterior beams that are close to — 
antisymmetric, there is a small difference between the two indices. This supports — 
the interpretation of »* as a rotational ductility given by Eq. 14. Similar — 
conclusions can be drawn from Fig. 11, in which ductility factors from the — 


three analyses of four- frame are compared. Int this case, the med 


FIG. 11 —Ductility Factors of Four- Story F Frame: (a) Exterior E Beams: (b) Interior Beams | 


of grey loads destroys the antisymmetry and as a result, differences between — 
g and w* are greater t than those in the ten-story , frame. In addition, the : smaller 
value of p is the reason for the substantially larger estimtes of the curvature 
“4 ductility index, p.. Now the ratio of p. to p, (from the third analysis) is oo, 


"While differences in results between the first analysis” of dhe two frames 
and the subsequent iterations may not be deemed significant in view of the 
uncertainty associated with input motions, they can be taken as indications — ' 
of accuracy levels i ‘in predicting ductility requirements in similar structures under 
a given excitation. . Such differences could have become even smaller if a 
_ of assuming g = p in the first analysis, better initial estimates had been made 
by using the curves in Fig. 7. The flatness of these curves in the monger 


or to allow fora misle ading terminology that can create a great deal of confusion. =a 
The results presented in this paper should help clarify the subject. ; 


| 
| 
} 
2 4 iterative refinement almost unnecessary. On the other hand, differences between — 
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e following symbols are used in this paper; 
ratio of initial end moment to yield moment; _ 

E = modulusofelasticity; 

= post-yield stiffness parameter of one-component model; Adis 

= post-yield stiffness parameter of two-component mc model; Gece 


| 
| 
7 
= 
4 


= 2EIQ + 1/m)/L; 
= 2ENQ2+n)/L; 
will 
lengths of plastic zones; 
moment; 


AM, »/M,; 


comes) compen about when wang 


9, increments in end rotation; 
“Mow vat 6, = plastic hinge rotation; | 
= M p/K, (i = 1,2); 
+  max/, = AM/pM, (g > factors, 
+ + AM/sM, (g = p) (ductility factor); 
+ A0,/8,, (i = 1, 2) (ductility factor); 
caly ad = = increments in wee 
indicate le left and ends, respectively 
of propertion is mvesiigaied in thie geper 
af a bod an appest Tas opeo-tour contral 


again be of deck (2) The propactes “ot 


Rive 


1, AME and 
a = Wealized yield moment, 
= yield moment of equivalent bilinear system; 
= 
| 
a 
q 
| 
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vat ‘STOCHASTIC Contro. OF edt 


» Mohamed Abdel- Rohman,' A . M. ASCE and Horst H. Leipholz? 


The application of active control theory to suppress ‘the vibrations of civil — 
engineering structures has gained much interest among structural engineers. The 
extensive research in this field (9) has demonstrated that using active control — 
- forces is a very efficient way to control the vibrations of flexible structures. 
The efficiency of active structural control comes about when using active ; 
closed-loop control forces which provide active damping aualig active ‘Stiffness 


needed to control the structure against unexpected distur 
Structural parameters. lobo Jed) to. sad) oa 

4 Most of the in this field (1,4,9,11-20) were toward 
determining a closed-loop control law able to improve the structure’s response. 
‘The efficiency of this control law is being checked either by studying the stability z 
of the controlled structure and observing the structural response due to an 
applied deterministic disturbance (1, 4, 11. -13, 16), , or by ‘comparing the ‘variance 
of the controlled response with the uncontrolled response in the presence of ke 4 
fandom disturbances (17-19). Direct control against an applied disturbance was | 


only considered in Refs. 2 and 3. In these papers, a control law was found, — 


. to track the applied disturbance, as a combination of closed-loop control and 
 open- -loop control. However, this control is depending. on a priori knowledge 


problem of how to random disturbance 
_of known statistical properties is investigated in this paper. It is shown that, — 
as has been done in Refs. 2 and 3, a control can be found as a combination , 
of a closed-loop control and an open-loop control. The open-loop control depends 
a ¥ on the statistics of the ‘disturbance, whereas the closed-loop control depends © 
_ The approach presented here is used for controlling a simple span  - 
against the uneveness of the bridge deck (1). The statistical properties of the 


~~ of the bridge deck will be used to find a stochastic optimal control. 
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1 
A comparison the response and an response 
_ will be made and considered. as 

Stochastic Cont Prosiem 


The pos behavior of a linear system subjected to a random disturbance e 


an be b the followin state differential equation; 


in which X(t) = an n-vector representing the state variables of the system; 


U(t) = an r-vector of the control variables; D(t) = an n-vector stochastic process; 


an n- -vector stochastic process independent of D(t); and A(t) and B(T) 


es of appropriate dimensions. — 
utp put of the system can be expressed gatreaaigan 
in 5 we Y (t) = an m-vector representing the meteuraute variables of the system; 7 — 


and C(t) = a matrix of appropriate 
In order to design a control law a ance, a 


ccounting for the random disturbance, a_ 
model is designed so that the output of that model is similar in its statistics 

: to the statistics of the disturbance d(t). It has been a general practice (6,8) 

7 to let the model be driven by white noise. The equation of motion of the model — 


(filter) can be written ina matrixformas 


in which Z(t) = a p- -vector representing the state variables of the. model; Ww (t) 


and A,(t) = a matrix of appropriate dimension. 
relation the actual disturbance, d(t), and the model’s variables, 


7 ‘= a p-vector representing the white noise; Z, = a p-vector stochastic process; 


in which C,(t) =a matrix of dimension n x 
1, 3, and 4 can be combined to yield one single given nby 

in which = [X (t)) 7; and A 1 A.(t), W are given by 


xo] 


a 

j 
4 
| 


To find an ‘control law one has to an “objective 
_ In the presence of random variables, an objective function is considered as 
_a function of the average response ; and control energy (1 18, 19). _ Using a — 


Yit,) 
in which E denotes an average or expectation; Q,(t) = a positive definite weighting 
matrix; R(t) = a positive definite weighting matrix; and S, | is. a non- “negative 
weighting matrix. od won bE at > fan a 
“s By means of Eq. 9 one may rewrite Eq. 10a as a! wey 


x - the presence of white noise in Eq. 5 and considering the objective | function ib - 


Eq. 11, the optimal control law is given by (5,6,8,18 19) 


sutiz To bellottags adt aos 4) 


us = (t)B POX. 


y 
which P(t) = a Riccati matrix of size. (n +p). 


The Riccati matrix can be determined by solving the Riccati matrix differential 


an T 
PO =POAM + ATOPO i: 


ts which Q. and S.. are obtained as 


7 


The matrix Pi is partitioned into | the ne ee form st 


P(t) 


= in which P,,(t) i is of n Xn; P,,(t) is s of dimension | nx 
Pi, (@); and P,,(t) is of dimensionp 
Egs. 6, 7, , 16, 17, and 18 into Eq. ‘15 one 


| 
| 
| 
» 
| 


‘OP 2 + wasters od Yo. 2 


at, 
av é 
= PG (t) + At) +C; nt 


‘Quinte 22 finds that P,,(¢) is independent of P,.,P and 
. The quantity P,, can be determined by A(t), B(t), R(t), Q(t), and S. 
On the other hand, P(t) and (t) are on 


U (OP; 
can be deduced from Eq. 23, the ‘optimal is a a combination 


Z(t). The open-loop control is then on the assumed model and 
£ the Statistics of the disturbance. If the model equation and the white noise — 


structural control ‘terminology, one may call the pare “the 
" stochastic tracking control problem’’ as compared with the deterministic tracking 


control problem presented inRefs.2and3. = 


— “ check the controlled response of the structure, the variance of the system 


-1 


i in which K(t) = “~ variance ce matrix of size (n + p); and dee 


t t.)] = 

4 which K, x(to) = 


YA, 


FIG. 1.—Stochastic Tracking Control Problem 


1) 
> 
q 
| 
the white _ 
and K..(t,) 


The variance of the uncontrolled response can n be from. Eq. 24 
& considering P(t) = 0. The of ‘the function at the optimal 


Tr [—] = the trace ope operator, obtained from the summation of agonal 
elements of a matrix. 


and S. Increasing Q(t) and S will increase the one energy and by increasing 
the response approaches the uncontrolled response (2). 
_ The variance of the applied control can also be determined from ie * 
PBR... 


“a 
This be used ‘in comparing the selected trials of control 


_ Consider a simply supported beam with a constant flexural rigidity EJ and 
a Lundera moving vehicle. The vehicle is modeled by a one- degree- of-freedom = 
_— Sprung mass m, supported on a spring of stiffness K. The uneveness, r(x), 


_ is a random variable of zero mean and known variance. Assuming the vehicle 


is moving with a constant speed, v, the equations of motion can be written, 

r in which y(t) = wae displacement of the bridge; V(t) = lateral displacement 

of the vehicle; M(t) = control moment; ¥ = vt; a = position of the post — 


support; g = = acceleration of gravity; 8 - «= Dirac ome and 
= first derivative of Dirac delta function. 
_ The control moment, M(t), is given by 
a 


f 
4 
Cé ontrol depends 
a 
4 
| 


in which A = of mode j; and 4, (jax/L) 
> order to satisfy the boundary conditions. 
Applying the sine integral transformation and considering only one ‘mode, a 


in whic => TV B, T m os Ta => | cos 


| 


A i,(t), V (t) by the sine variables x x,(t), 
— and x,(¢), respectively, Eqs. 33 and 34 can can be eee in the matrix state — 
= + BU(t) + d(t) 
in which A(t), B, and d(t) are given by 


| 
_ A solution is assumed in the form of bells od! Yo 
§ 
4 
A 
— 
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CONTROL OF STRUCTURES 


in which = 0. 475 sq in. | = 7759 
_ The uneveness r(vt) can be modeled m the output of the a first- ill 


ia 


differential 


in which W(vt) noise of intensity 
In general, the co-variance | function of r(vt) is given by (6,8) 
al 


‘wie 


which p = 1.22436 sq in./sec. x 
mean of white noise can then be written a 
y i x, (t) = Eq. 40 can be with Eq. 35 to yield 
X(t) =A.(t)X. (t) +B, Ut) + . (44) 
which X A(t) = [x, xX, x5) 75 and A.(t), B., are, respectively, 


+ cust OC bas 


bas 1 mori bfatsido o 


| 
wok | 
4 as) | 
A 
| 


— 


The Ww. can be decomposed is into a deterministic 
— 7.) 


WA =W Wat) + Walt) 


t) and W a(t) are enby 
WC = (0 0 
Walt)= 0 0 0 W(vt 
control ‘the deterministic disturbance, W.,(¢), one may use the 
"method presented in Refs. 2 and 3. To control against the random disturbance, 
| Walt), the present approach will be used. The optimal control, us (t), can 
_ be found if an | objective function similar to Eq. 11 is specified. To determine 


the proper weighting matrices one has to ee some trials. These weighing 


“ey 


| 
oa 


in which Bev and p>, and p, are weighting factors. 
oh Riccati matrix is obtained from Solving Eq. 15. However, only P 


need to be determined ‘since the “optimal control is given by Eq. 23. 
Determination of P,,(t) and P,,(¢) will be done through backward 


of Eqs. 19 and 20. Thus, one has oor x 5/2 + 4) first- order differential names 


- 


| 

S.=p; 

In Eq. 19, A(t), B, R are given by Eqs n> 
Q and S are obtained 
are given by 

C,=|0 
| 


CONTROL OF STRUCTURES 


deflection and acceleration of the bridge is compared with the uncontrolled _ : 


- variance. The initial conditions of the whole system is considered to be of 


o) = Q 


Using Eq. 24, one may calculate the variance matrix in which vo) 


0 0 i 0 0 0 


disturbance, the matrix V(t) becomes 


The variance of the ¢ deflection and acc acceleration * midspan : are calculated 


h = time step of integration, 


---- CONTROLLED, p,*200, *0.5x10%, p, Ried 


CONTROLLED, p,*200, p, * p, =10 
‘= 


in? 


Bin whic 
The Vans 
] 


‘Considering the n numerical data i in I, variances s of the deflection 
are ee in Fig. 4, and the variances of acceleration are given in Fig. 5, _ 


— NO CONTROL 


0.5 


G. 5. —Variances o of Aecsleretions 


p,*200, p,* 108, 


«FIG. of Total Tendon Control te 


may conclude that deck has 

4 

im 
ha), 
Be 
| 

FIG. 7.—Variances of Open-Loop Tendon Control 


OF STRUCTUR 

L UCTURE 

‘The variance of the total tendon control is given in Fig. — that for 


the open-loop control is shown in Fig. 7. Considering the tendon stiffness S__ 

= 62.5 kips/in. (Appendix I), one may realize that the ¢ developed control force F 
is within the practical applications. In fact, by investigating Figs. 6 and 7, one - 
‘may compute the maximum variance for the total control force, which is approx — 
or 65 kips*, and the maximum variance of the open-loop control force, which — J 
_ aptrox 2.343 kips’. It is evident that both values are within the practical 


_ The activ ve control of a structure against random disturbance has ea oe a 
wae the same routine presented in Refs. 2 and 3. The optimal control was 
found as a combination of a closed-loop control and an open-loop control. — 
_ The closed-loop control depends on the current structural response, and the — 
open-loop control depends on the statistical information which is available on 
the random ‘disturbance. The control becomes" very efficient modeling the 
disturbance results in a response similar to the actual disturbance. It is common — 
a. practice to use a dynamic system driven by a Gaussian random process to a 
; represent such a model. In this case, the output of the model must have the 
_ Same statistical properties as the actual disturbance. 2 
s In the presented example, it has been shown how a better control against 
- uneveness of the bridge deck has been attained as compared with that of Ref. 
pan od These results put the researchers in a better position for controlling ef: ficiently 
a the flexible civil engineering structures, which are usually subjected to random 
loading. However, the problem of proper modeling for the random disturbance 
7 d still needs further ees in order to enable the designers to assume the 


_ The numerical values of the parameters used in the example are as follows: 
: 100 ft (30.5 m); a = 10 ft (3.05 m); EI = 12 x 10"° Ib/sq in.; J = 
ft 0.9 m); m = 0.3 in. x 10° N ); 60 > 
mig = 


3 sec. 


i The variables defined | i the paper have been computed to give ww = 


= 63.159; C, = 0.1773; 2, = 1.885; K = 20 kips /in.; K = 111. mW sec” 
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i. open- augmented system ‘matrix; 3, 
A, = open-loop matrix of model; 


= time response of mode j; 


= distance from post to nearest support; 
OB ‘augmented control coefficient matrix; 
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| 
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= gain matrix; 
variableformodel; 
= coefficient matrix for model; 
disturbance vector; 
= Young’ s modulus; = 
acceleration of gravity; 
time step of 
objective function; 
 CO-variance response; 
stiffness of tires; hey 


post length; 
J 
fer 
trol; 


S= Spring constant for tendon; the to be by 


= control vector; 


Y= speed of moving vehicle; well known Toutes 


ow -(t) = augmented vector 
d 
xX, augmente state vector; 

= time constant of and 
Yer = speed parameter of mode | 


wes 
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* Optimum design methods based o on “search techniques attracted the attention 


of many investigators in the 1960s. Their new mathematical programming methods 
a’ coupled analysis capabilities with numerical search techniques i is order to handle | 
_ Structures with any type of behavior constraints. However, generally these 
_ methods remained d restricted to to systems with a ‘relatively == ‘number of ‘design 
Due to this limitation, it became | clear to researchers aru new ‘approach — 
was required which would make use of the properties of an optimal structure. _ 
_A first step was taken by Prager (7,8) who formulated optimality conditions 7 


for structural members with varying dimensions. His approach, based on the | 
‘work of Michell (6), established the conditions to be fulfilled a 


etalon for any type of finite-element structure. The well known Kuhn-Tucker | ” 


_ This paper extends optimality criteria approaches by establishing a generalized 


_ Consider an elastic structure with a given layout and assume ai n. isi 7 
“have to be satisfied for n, loading systems. These constraints can be classified — 

"Struct. Engr., Morrison, Hershfield, Burgess and Huggins Ltd., Toronto, Canada. 32 
?Prof., Dept. of Civ. Engrg., Univ. of Toronto, Toronto, Canada MSS 1A4. 
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. ASCE. Manuscript was submitted for review for possible publication on April 26, (1978. 
7 This paper is part of the Journal of the Structural Division, Proceedings of the American _ 
Society of Civil Engineers, © ASCE, Vol. 107, No. July, 1981. ISSN 0044- 
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_ These constraints require that the tensile or compressive stresses eae 
at n, different points of the member must not exceed the allowable aaa of — 
for for any of of the n, loading c conditions 
4 which 1 ul 
‘The chiective is to find the set of optimum design variables which satisfies 
all the constraints and minimizes the cost function 


yA, 


= = the cost per unit volume; L 


~ of the feasible region, ‘so that the constraint equations can be written ra? ysttan YO 


Violated constraints (g (x) > 0) are not included because in the proposed | method 
the path t towards the optimum always f follows the the boundary of of the “feasible 


wilt or er 


1.—Plane Frame Element 


| 

which w, = the length; and 
Ing ner here wi he » ctive con in ny rin ne 

| 
| 


_ In the case of plane frames, the variable with the largest influence. « on a” 

_ structural response is the moment of inertia J, and it is defined as the independent 

- design variable. The area A and the section modulus S were related to J by 
a the functions given in Egs. 6 and 7 which were originally developed by Brown 
and Ang (1) and later  cojrected by Wright and Feng (14) for economical wide 


60.61 + 84,100)'"2-290, 


or + 500) 9, 000</= 20,300 © 


second feature of a general of structural element is the existence 


of different stress levels at different points of the ‘element. In the case of = 
34 plane frame members, the axial force and bending moments produce different _ 


must be considered as shown in Fig. sub 
The derivation given in this section for constraint gradients in rigid frames 
‘is crucial to the generality of the method. Energy-based calculations for these - 
have been developed previously for truss 
The well known unit load method” can be expressed as 


the vector of nodal displacements in member j due to a unit load applied in 
the direction of displacement i; [k], = the stiffness matrix; and v, = .. 
vector of di in local coordinates. The variation of the 


The derivative of the stiffness matrix follows directly from the expression for 
the matrix given by Gere and Weaver (4). eee 
€ ‘The result given in oss 9 shows that the derivative of a | displacement is » 


ST7 OPTIMALITY CRITERIA METHOD 1329 
____ An optimality criteria method for building frames must account fora minimum —s J 
| 
| a 
| 
stress values at every noint alongs the member so at least tour strece meacurements 
q 
a 
a 


te global stiffness matrix and back substitution. This technique | wei weed 
by Prager (7), Venkayya (13), and others is very efficient because the stiffness 
matrix has already been decomposed in the analysis phase, and thus only heck 
substitution needs to be done. we deitay Io 
_ The stress vector for the plane frame element shown in Fig. 1 can be ye written ia 


‘into fi fixed- end ; actions and joint 2 actions. 
_ Considering the definition of the of the plane frame 


element as shown in Fig. 1, the four stress measurements for member h are 


in which Vv, = , u,, and [R], the of member 
_h whose elements are functions of the geometry of the framework, u, and 
: v, = the displacement vectors of element A, in global and local coordinates, 
of the ‘stress related to joint loads can now be expressed a as 


F in which IT], (0) is given in explicit form, for the case of 


,F, 
‘Finally differentiating with respect to the design variable x, yields 


4 

= (Nonzero onl for =h) 

‘The derivative of matrix [6], is readily | computed from Eq. 11. The derivative — 

. of the matrix [7] , is also readily calculated once the ratio (J/ S) and its derivative — 

are obtained from the known relations between the dependent and independent 
of the vector du,/dx, can be calculated by using Eq. 


Dale 

q 

q 


ots 


_ in which p” jai = the vector of nodal displacements in member | j due to a unit 
load applied in the direction of the ith Component of the displacement vector | 
u,. If this unit load is replaced by a load equal to f, , _, which is the ith component 


of the row of the matrix then the displacement v vector pad 


is ; obtained. ‘Accordingly, each row of the matrix < [T] , Tepresents ‘the nodal _ 


actions to be applied on member A in order to obtain the derivative of the | 
a _ Corresponding stress measurement. Considering that the structure is linearly — 
elastic, the principle | of superposition can be applied to yiel d “ays t} = “7 


v.= 


which = vector of nodal displacements of member j due to a 
set. of loads given by the pth row of matrix [7],, applied at the nodes of | es 
| Member h. In accordance with Eqs. 16 and 18, the final expression for the 
in which o,, = the rth stress measurement in he h: ‘and b 


the rth row of the matrices: [5], » and ae respectively. 


Description oF ror Optimum Desicn 
any optimality criterion has to be based on the Kuho- ‘Tucker conditions. _ 
Their geometric significance - is shown in Fig. 2 for a two-d . 
with x° being the optimum point. 
a. steepest descent vector —V W i is contained i in the ‘ ‘cone’ * generated by 
the two constraint hae ning Vg, and Vg2- For -V W to lie within this ‘ “cone,”” 


f ie must exist positive multipliers 4 ,, , such that 


, In accordance with Eq. 20, the vectors Vg, and Vg, i in Fig. 2 are the two 
positive components of the resultant vector —V W. In a nonoptimal case, —V Ww 
would not be “‘inside the cone’”’ and then one of the A, would be negative. — : 
It is now possible to rewrite Eq. 20, which is the general expression of the 
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| 
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| 
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Following the analysis of the previous ag,/ax, represents the derivative 


= 
ce of a size, stress, or displacement constraint and will be denoted Si, where 
( 


descent vector —d as — ‘= q 
4 
OM, will be different, so that in order to calculate the value of the  ,a transformation | 
Eq. 22 by Rosen (9) will be form 


. rere (24 


oun 
con 
REGION 


ale “Se , thus Eq. 24 can be solved for the values of all the As, i.e., for a. 


Pe, contribution of all the active constraints. This is particularly important in See 
po as building frames where stress requirements may be as influential on : 
the design of a member as displacement or other types of global constraints. __ 


For the case of a single active constraint, the previous transformation yields a 


m 


has been shown @ obtaine 4 hi 1S mation minimi 
residuals of E 
vin 


This equation is to the basic e expression used 
criteria methods which only include in the criterion a single constraint with 
the remainder being treated as side constraints. 
Once the values of the multipliers \, have ion calculated using Eq. 24 Ea. 24 the 
7 optimality condition given in Eq. 22 can be rewritten as" 
This condition is satisfied at the optimum point only. Defining y, as the value 
_ obtained from the summation of the —— side of Eq. 26, the following © 


"recursion formula is obtained: 


n which r = = the oumber ofthe iterationcycle. 


As presented, this recursion formula can be applied to all types of structures 
_ with the only restriction being that the ‘constraint functions have to be differentia- 
ble. The algorithm yields a succession of infeasible designs and thus in each 
; cycle the design variable vector has to be shifted to the boundary. The shifting 
—_ that has been adopted can best be understood with the aid of Fig. 3. 
Any movement along the line OP in Fig. 3 involves changing the value of 
‘the scalar 2 which will be termed the “shifting factor. ” The « constrained — : 
displacement 1 u has the value 1 u' at the | design point x . This value e) exceeds _ 
the allowable displacement u by ‘the ratio Q' =u un and consequently the 
new design variable vector that satisfies the constraint es 
Xe | agiesbay of) qrodw 
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q | 
| 
| 
| 
| 


value of Q, corresponding | to the most violated constraint, is selected as the _ ; 
shifting factor for the > cycle. A new design point is obtained by using the redesign - | 
formula given in Eq. 27. The ‘new point is in turn ‘Shifted: to the 
the costs W? and 
criterion given by the user, the process is terminated. 
In the first two or three cycles, it is best to use a stress-ratio netted a 
_ normally will bring the initial design reasonably close to the optimum . 
—— low- -computational cost. The new member variable is computed by ~~ Real 
the current of the variable ‘the | maximum ratio of the actual s stress 


order to to use this procedure i in problems with 
in which 2’ = the shifting factor which transfers the design point to the boundary — 

; of the feasible region. Eq. 29 is further modified by replacing: the allowable 
by the maximum stress “encountered i in current portion to ab, 


criterion is used, the shifting factor 0 is close to 1.0, due to the flatness of | 
_ the boundary of the feasible region in the vicinity of the — ~— 
EXAMPLES 
Ont On the basis. of the preceding algorithm, a computer program was written | 
in FORTRAN IV. The reported computational times are for the University 7 
of Toronto IBM 370/165-II. The Cholesky method was used in the analysis _ 
Stage. The rigid frames reported in this section are steel structures with a specific _ 
p = 0.28356 Ib/cu in. (0.077 N/m’) and a modulus of 
_ Thirty-Member Plane Frame.—The ten-story frame shown in Fig. 4 has a A 
fixed base and carries | a gravity load of 2.4 kips/ft G5 KN/m) o1 on each floor = 
“combinations: (1) Full gravity load; (2) 15% of gravity load wind from 
‘the left; and (3) 75% gravity load plus wind from the right. The allowable 


Sess are +22 ksi (+150 MPa) and —22 ksi (—150 MPa) for all Siem 
and the horizontal displacement at roof level is limited to +2.0 in. — 


| 
| 
| 
— > 
| This change er — 
understressed due to the presence Of a parucularly restrictive global Constraint. 4 


‘The final weight of 17. 47 t 38. 87 was obtained in 4.8 s of 

time. The final results are given in Tables | and 2. Frind and Wright (2) reported | 

a weight of 17.41 tons (38.74 kN) using 39.0 s of CPU time on an IBM 360/65. 


One reason for this significant difference is that redesign in this new method 


involves the application of a very simple recursion formula, while in the method _—_f 


used by | Frind and Wright (2) resizing is a much | more — procedure. 


| 


= 


+ 


Ts 
4 (COO 


FIG. 4.—30- Member Plane hone a kip = 4.45 kN; 1 ft = 0.305 m 

_ Savings are also realized in the calculation procedure for the gradients themesives 
4 and by the fact that only the gradients for the active constraints are computed, 
_i.e., for constraints at their limiting values,§ 
In the final cycle, the optimality criterion included two active displacements 


at the roof level and 21 active st stress constraints as indicated in Table 1. A 


= 
| | 
a 


measure of the participation of each active constraint in the optimality criterion 


: scalar equation, which i is identically y satisfied at shows: 
the compatibility between all the constraint gradients and the cost gradient. — 
‘TABLE 1.—Final Member Sizes: 30-Member Frame 


Moment of of 


= in inches* 


“Denotes member with active stress constraint. 
Note: lin*=41.62cm‘. 


TABLE 2.—Iteration History: 30-Member Frame 


18. 
17.63 


= 

: 


OPTIMALITY. CRITERIA 


The numerical evaluation of Eq. 31 reveals that the two Sateen constraint 


gradients account for 67% of the total value of the righthand side of Eq. 31, 


Prue 4 

= 3k 


CPU the fee of the The ihe severe 

7. me stress-ratio > method was used for the first two wo cycles while the optimality 

criteria method was used in the remaining six cycles. ee 

_ One Hundred and Five-Member Plane Frame.—The steel frame shown in ‘Fig. 

_ § has fixed supports and carries vertical loads of 2.4 kips/ft (35 kN/m) on 

each floor beam and 1.2 kips/ft (18 kN/m) on the roof beam. The wind loads, 

assumed to act at the joints, vary with height according to the National Building — 
_ Code of Canada. The loads act in three combinations as described for the 


previous example. The stress limits are 22 ksi (152 MPa) in eanaion and —20 


f 
i and the remaining 33% is provided by the stress constraints. An optimality ' 
g _ Criterion which includes only a single governing displacement constraint would _—| 
<—- 
q - 
| 


ene TABLE 3.—Final Member Sizes: 105- Member Fi 3 


1.477 


— 


ci 


881 


1338 
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(2,206 


Note: 1 in.” = 41.62 cm 


ve ABLE 4.—Iteration History: 105-Member Frame ao 


3. 


79.98 


ksi (—140 MPa) in compression for all members. The horizontal displacement — 
at roof level is limited to +0.36 inches (+0.88 cm). 
‘The final weight of 79.98 tons (177.96 kN) was ; obtained in 10 | cycles with 
; AL. 4 s of CPU time. Considering the size of the structure and the severe | 
— constraint, this time appears to be quite reasonable. Tables 3 and : 
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| 
4 
liad etaeetatioeeethod, and the remaining cycles used the recurs 
_ The derivation of a generalized optimality criteria method for ‘‘finite element”’ i 
— eaecteete has been presented. The generalized criteria have been incorporated =f 
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into a recursion iain which accounts for the ‘contribution of all of the a active 


- constraints. The resulting method is based on the Kuhn-Tucker conditions and 
demonstrates that these conditions define an algorithm for the selection - 
improved designs for building frames in addition to test 
The energy- -based approach forca calculating behavior has been extended 
to include the stress gradients for members of rigid plane frames. This formulation 
permits gradients to be determined for little cost and thus it complements the 
efficiency of the new generalized optimality criteria method. = = 
The efficiency of the complete algorithm has been demonstrated by 
the design for two relativeiy large frameworks, one having 30 members and 
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Aprenoix [7] 
In this appendix, the ‘matrix [7], which is the relation between stresses and = 


= _ displacements for the particular. case of an element of a a plane frame i is formulated. a 
4 The form of Eq. is given 


Once matrix multiplications of 30 are performed, matrix T becomes 


2 bh ror be noted that each row of this matrix represents the six nodal 
_ forces to be applied to a n member i in order to obtain the stress derivative. a 


} 
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“Aprenoix 
are used i in n this, paper: 
area; 
matrix relating stresses and forces; 
direction cosines; 
E= Young’ s modulus of elasticity; 
“4 vector of member forces; ay 
h, Jj = subscripts referring to members and displacements; 
Is moment of inertia; 
tk] = _ stiffness |, the 
length of member; Manager oF T 


| 
t 
| 
| 
i| 
3 
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vectors related t to 5 gradient 


matrix relating stresses and displacements; 
displacement vector in global coordinates; tet 
displacement vector in local coordinates; 
w= cost of structure and of member; tet” 
gradients o of cost and constraint functions; 
stressinmemberj; and 
= cost per volume or specific weight of member j. Withers 
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ov PROBABILISTIC DESIGN 


IwtropucTion 


Structural ‘teliability analyses and probability- -based limit states design require” 
statistical descriptions of structural load and load effect variables. Frequently, 
data are only available for the basic variables (e.g., wind speed, ground snow | 
__ load, etc.) from which the loads are calculated through mathematical relationships. 
While early first-order, second-moment reliability analyses required only estimates 
of means and variances in the basic variables (4), more recent methods 3) 
utilize the probability distributions ; also. In this n note, suitable probability distribu- — 
tions and statistical parameters for wind and snow loads are derived using recent — 
Statistical data (6,8). These distributions have been used to develop a set of 


ppecwan load factors for possible use in a future edition of the A58 Standard 


ong a "structural load or load ‘effect on a member (moment, shear, etc.) is 
given as a function of other random — 


ela 
then its probability function, cdf, | is 


in which P(-) = probability of the event in parenthesis and the integration 
performed of the joint probability density function, /,(- 
which h(x,, X,) q. If each variable is statistically independent, 
then = Sx, The evaluation of Eq. 2 is difficult except for simple 
- functions. Monte Carlo simulation or numerical quadrature may be used to 
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P [h(-) = q] may also be estimated ‘using a technique described in Ref. — 
3. The surface h(-) — q = Ois successively approximated by a series of tangent 
hyperplanes until a checking point is found at which the distance between the 
: mean value point and hyperplane (in standard deviation units) is minimum. 
This distance is called B. At each stage, those variables in Eq. | that are non-normal 


are approximated by normal variates in which the probability distribution and 
functions of the and normal random variable at the 


Wee a 
in which c = analysis factor, C, = pressure coefficient; E, = exposure factor; — 
= gust factor; and V = wind speed referenced to a height of 10 m in open 
_ terrain. Most available statistical data describe the annual extreme fastest ain 
wind speed, and the pressure coefficient and gust factor in Eq. 4 are consistent 
with the fastest mile specification (1). Depending « on the load combination and :. 
limit state of interest, V may be a daily, yearly, or 50-yr maximum wind speed. | 
In this study, W relates to the main wind force- eaten structure rather than - 
_ The probability function, of the annual extreme fastest mile 


TABLE 1.—Wind Load Data 


Baltimore, Maryland» 
Detroit, Michigan 
St. Louis, Missouri 
Austin, Texas “ahh 
Tucson, Arizona 
Rochester, New York 
Sacramento, California 


wind speeds in miles per hour (100 mph = 44.7 to Jung tT 
Note: Variable V, is a 50-yr mean recurrence interval wind speed in Ref.1. 8 


_ determine F, approximately. However, in order to define F, above its 90th 
| 
(i 
4a 
16 mins indenendence ne maxim “alate peed @ 
55.9 | 0.12 | 769 | 0.11 | 75 10961548 
19 474 | 0.16 | 70.0 | 0.14 | 70 |0.62 318 0 
35 | 45.1 | 0.12 | 61.9 | O11 | 80 |0.43] 8.03 
30 | 51.4 | 0.17 | 776 | 0.14 | 70 10.69) 252 
| 37 | 535 | 010 | 693 | 0.09 0.711483 
| 60 | 999 | 7734 | nye | gs logs 


NOTES 


has a Type 1 distribution given by. F, F; he coefficient 
P? of variation (cov) in V, and Vso , are dependent on geographical location, as 
shown in Table 1. eos on Ve are taken directly from Ref. 6. The total cov 
in Vso, given in Col. 6, includes uncertainties due to sampling and observation 
errors, estimated as 3. 8V, Vy (7) and 0.02, ‘respectively. The 


a cov in annual wind speed; and m = aumber of years of record. oth a TED 
3 Much less information is available with which to estimate the means, cov, a 
and cdf of and E,. ‘lt was assumed that their me means are defined by 


of this correlation is uncertain. ‘Thus, ‘three separate analyaes were made to 
study the effects of various assumptions on F,,: (1) Variables G, Cos and E. 
were treated as normal variables with cov = 0. 


| 
ieregular lines - Monte Carlo simulation 


Straight lines - Fitted, Type | all 
&Mumerical integration Ly 


0.001 — 010 0.50 0.80 090 095 098 0990995 0999 


Ve, _ = 0.12, as V,. = 0.16 (these are typical of values used in recent studies, 


“4 e. g.. Refs. 2, 5, pe ' 7); (2) variable GC, was treated as a single variable with 
- normal df and Voc, = = 0. 17; (3) variable Gc, has a a ‘Weibull distribution with | 


Vec, = 0.17. ‘Variable | Ve, reflects the relatively lemme uncertainty 
_ terrain exposure, which includes surface roughness and nearby obstructions 
in the wind stream. In comparison with these « effects, V. is negligible. acme 
: & The cdf for the 50-yrm maximum 1 wind load was then determined by the p ocedure — 
_ described earlier (Eq. 3), making the preceding assumptions regarding G and 
C,. The results are virtually identical in all three cases because the statistical 
characteristics of W are determined primarily by those of V’ (eee Eq. 4). A 


comparison of results using Eq. 3 and Monte Carlo simulation | is shown in — 

‘1 for three sites; the agreement is quite. close. The cdf incorporates a 
_ reduction factor that applies if the building is oriented so that the maximum _ 
wind speed does not occur in the direction most unfavorable to the building; — 

this factor was assumed to be 0.85. Inspection of these distribution functions : 


for | the sites in Table revealed that the cdf could: be fitted well 


ya! 
7 
— 


a Type I distribution in the region above its 90th percentile. The characteristic 

xtreme, u, and shape, a, of the fitted Type I cdf Fy, = exp {-exp [-a(x 
u)]} at each site are listed in the last two columns of Table 1; see also” q 

“Fig. 1. Variable W, = nominal wind load in Ref. 1 corresponding to a 50-yr 
_ mean recurrence interval wind speed. If a composite estimate of the statistical t. 

_ parameters is ‘Gesired for general reliability analyses, then averages are u 

0.65 and a = 4. 45; the Pre mean and cov are W/W, = 0.78 and Vy = 

Statistical parameters the yearly and daily maximum wind loads (normalized 

a by W,,) may be obtained similarly. For the yearly maximum, u = 0.24 and 
= 6.65; for the daily maximum, u = —0.02anda = 18.7. 


The effect of snow load on the roof of a structure is calculated as uel 


in which q = ground snow load (annual or 50-yr maximum, depending on the -_ 
load combination and lin limit | state); C, = snow | load coefficient relating ground © 
* roof load; and c = analysis factor. Coefficient C, depends on roof exposure, 


geometry, and thermal 


Annual Extreme 


Green Bay, Wisconsin 208 +: 
Rochester, New York 2. 49 
Boston, Massachusetts 2 28 
Detroit, Michigan 
Omaha, Nebraska 1.60 
Cleveland, Ohio 50 
Columbia, Missouri 2s 
Great Falls, Montana 26 1.77 


“Variable, g,, in pounds per square foot (1 Teer = 47. 88 "7 is the 50-yr mean recurrence | 


= 


A recent analysis of data on annual extreme ground snow loads (8), denoted 


7 by q,,, Suggests that the cdf of g, is lognormal. The mean and standard anton 7 


in In qg, for selected sites for ' which water-equivalent data were available are 
-_Tisted in Table 2. Cities were selected in which there was measurable snow — 
a ae accumulation in each year of record (1952-1978), 
Additional uncertainty in the roof load arises from the randomness in C,. 
The C, factors in Ref. | have been selected on the basis of field surveys, q 
7 - qugmented to a considerable degree by professional judgment, and are conserva- 
tive. The only roof configuration for which there are sufficient survey data 


‘| 
| 
at 
= 
7 = _ | 
058 | > 1630 
to estimate © staustical variation in IS Hat roo! wi normal insulation 


in a normal setting, as defined in R in Ref. 1; teal 
As indicated to the writer by W. Tobiasson aad R. Redfield of the ‘United 
States Army Cold Regions Research and Engineering Laboratory, it appears 
that the cdf of C, is symmetrical in this case (assumed normal in the analysis) — 
with C, = 0.5 and V. = 0.23. The uncertainty due to the analysis, V,, is 
" 7a the cdf of C, and q defined, the cdf for the 50-yr maximum snow | 
load, S/S,, at the sites in Table 2 was computed, in which S, = the snow 
- Joad in Ref. 1 fora 50-yr mean recurrence interval ground snow load. Inspection os 
_ of these distribution functions indicated that the Type II distribution of a 
values, Fs, = exp [—(u/x)*], provided a better fit to the computed cdf — 
over the 90th percentile and above than the Type I distribution used Giller 
. wind. The characteristic extreme : and shape (u,a) for the fitted Type II 
= are listed by site in Table 2. Averages of these parameters for S/S, are 
= 0.72 and a = 5.82; the corresponding mean and cov are 0.82 and 0.26, > 
Be hare: cdf for the annual roof snow load may be computed similarly. ‘Because — 
the cov in the annual extreme ground load, Ga» iS typically much larger than 
: Ve, (0.65 versus 0. 23), the cdf for S, can be approximated by a lognormal 
; distribution in the upper percentiles. Composite ' values for the mean and cov ~ 
are §,/S, = 0.20 and V, = 0.73. Tors. 
Usually, none of the eiaalliees commonly used in structural reliability s studies 
_ describes the cdf of the load, considered as a function of random variables, — 
over its entire range. Earlier approaches (e.g., Ref. 4) determined the mean : 
_ and cov of the load by taking expectations of the Taylor series expansion of | : 
_ the load function about the means. Such approaches attempt to match the cdf =s J 
of the load & its central range. In contrast, the procedure | described herein = 


to be a more logical approach in safety- -related problems i in which the ‘behavior 
at the extremes the fis « of interest. 
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UTOMATIC GENERATION ‘OF | COLLAPSE 
wa ake 


Mark R. Gorman,' A. M. AS 
)~ 


- eee of the research on the reliability of frame structures has used rigid-plastic _ 


collapse models. In such cases, a general ex expression for the modal reserve 


bn 
smo 


in which the reserve of the jth mode; R, = the | resistance 


of the structure member at the ith point in the structure; and P, denotes the 
ith load on the structure. The resistances, and the loads P,, are random 


re The probability of failure, P,,, of the jth mode can be written: wun 

a N modal failure probebilities can be combined (1) to obtain the probability 


The rigid-plastic collapse model has the advantages that the modal reserve 
ja ~ strength, Z,, is a linear combination of random | variables Poses simplifies | the 
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‘statistical analysis), and also, that the “coefficients, and in Eq. oan 
constant and independent of R, and P,. A failure mode analysis requires = 
these coefficients be determined for general values of R, and P,—a — 7 
significantly different from determining the collapse factor = a given R, and 

P, (2). However, for structures of realistic complexity, it is very tedious to 
determine these coefficients by hand, and methods suitable fo for r computer use — 
not well- -developed 6). This ‘difficulty system failure mode 
reliability analysis to simple structures only. vied! 

_ This note presents an automatic method, suitable for computer use, for 

_ generating the coefficients of the collapse mode equations (Eq. 1), for all the 
4 possible collapse modes for frame structures. The input required is the nodal 
coordinates, the and the applied Pattern. 


_ From equilibrium, the external nodal vector {Pye can be expressed in terms 
- of the structure poe force vector or {R}, i i.e. 


seer. 
= in which [A] is ‘called ‘the | statistics matrix, and is easily calculated from. the 


structure geometry (3). The structure member force vector {R} uniquely specifies | - 
the internal stresses. For plane frames (including trusses), the most convenient — 
member forces are the member axial force, F, and the two end moments, MM, 
: and M.. All loading and all critical sections are assumed to occur only at nodal 
The vector {P} has m components, and the vector {R} has n components; 
thus [A] isa mxn matrix. For a stable structure n = m, and the redundancy 
of the structure, r is defined by r = n — m. A statically determinate structure 
_ has r equal to zero. A collapse mechanism will form if at least any (r + 1) 

of the n member forces reach their limiting plastic resistance values. At collapse, — 
the proportional loading, {P,}, is scaled by the collapse factor, A, and the 

he 


het 


corresponding to the member forces {R} are the internal member strains {e}. 
_ By the rigid-plastic assumption, the member strains are nonzero only if the 
corresponding member forces have attained their limiting plastic resistance values. ~ 
By writing the virtual work equation at collapse wi 


It can be seen from ane 6 of as 3 that the coefficients, a, and by 


mode j (Eq. can be fi found from {a}, 


J 
q 
| 
™ 
| 


which = = the identity matrix. For a mechanism to form, any ( (r - + 1) 
“4 


member forces from the n member force vector {R} can be selected to attain 
their limiting values. The remaining (m - 1) member forces will have values 
_ less than their plastic resistance. Corresponding to these (m — 1) member forces 
are (m — 1) columns of the statics matrix [A]. Gauss-Jordan reduction can — 
be applied to Eq. 7 so that these (m — 1) columns of [A] are transformed 
_ to columns of zeros except for a | in one row; the resulting equations — 
4 The mnie equation (Eq. 6) will similarly be 7 to 
The (m — 1) reduced columns of 14] correspond to (m — 1) rows of [As 7 q : 
. - are rows of zeros except for ¢ a 1 in one column. The member strains, 
that correspond to these (m — 1) rows are equal to z zero because they 
“correspond to member forces less than the limiting \ values. Thus (m — 1) of © 


d* values are equal to zero; only is nonzero. Thus 
= column k of [A* xd* or =rowkof [A (10) 
Similarly, the nodal displacements | can be written fis bag bas 


= column k of x ds mil 


= row k of cus x oni 3) 


~ deformation of the structure. (The structure is a one degree of freedom parr Hol 

- hee ) Thus, the coefficients a,, = the kth row of [A *]; and the coefficients — 

, = the kth row of [J*]. Partial collapse mechanisms are evidenced by a 


a, for the corresponding R, not in the mechanism. 


or the five- member, onc » nt shown i in Fig. the 
tion Eq. 4) is 
0.71 


1 


q 
| 
(ay? 
if 
7 


F For the ntti with resistances R, and R,, Cols. 3, 4, and 5 of the statics 
“matrix in Ea. 14 are reduced, andEq.8is ds a 
ri re” 
0 1 00 ff 


0 »| |0 071 0 10 
1 0. 0 0 00 
14 R, 
are Zero; thus” “3 is ‘not equal to 9), and the 


‘cae 


|= O71 10004 


‘The coefficients ts for all N modes can be found by enumerating all of the © 
- combinations of (r + 1) member forces from ores n force v vector {R}, and reducing 
the appropriate columns of the statics matrix. 


ho. 


& 
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# The method can be straightforwardly programmed for the computer. A computer _ 


ss Check for and delete null | equilibrium equations from the Statics matrix 
2. Allow for the formation of yield points at only specific “critical sections’ ” 
(e. g. , ignore axial yield). This can dramatically reduce ‘the number of possible 
ms was from the possible modes those that: (1) Will not occur for the 
- loading pattern specified; or (2) are the same as a mode already dsteihinsd 


4 program that implements this method ous pre frames (and trusses) is available 


ate 
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The following. are used in this paper: 


— 


a = resistance coefficients of modal reserve strength equation; 
coefficients of modal reserve strength equation; 
nodal displacements vector; _ 
internal member strain vector; 
number of structure degrees of "freedom 
number of independent member forces; 


= hed vector; 


resistance vector; 


redundancy; 
modal reserve | and 


Notation 


By George P. Martin," M. ASCE 
To compute the fixed-end be cunpugere cam 
tT Many times the engineer is cman with the structural design of a concrete 
“encasement for a circular pipeline. The positive and negative moments in the 
_ encasement caused by the design loading conditions can be determined, in _ 


by applying moment distribution around the encasement. A problem arises, 


ing Rectangular | Coordinates 
One simplification is to assume the sides of the encasement are haunched — 
beams. Since tables and graphs are readily available for parabolic haunched 
beams, this assumption leads to a quick and fairly accurate solution. For better 
accuracy, the engineer needs moment distribution factors for beams with circular 
a . ‘Fig. l shows a partial section ofa \ typical encasement with a a minimum thickness, 
t, for a pipe of radius, at. . The haunched beam will be « considered from A 


to B. Since the beam is not prismatic, the carry-over factors and fixed-end ~ 
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4 
A mon 
| 
| 
owever, in determining the carry-over Tactors and Tixed-end moments to i 


If the moment of inertia, J, at the center line is J, = Vt 12, ‘it can 
seen from Fig. 1 that the moment of inertia, | Be , at + ty distance, x, from A 


bas ovinedy off 


DIAMETER 0 INCHES: 


Distribution Carry-Over Factors for P Pipe Encasements 


| 


hel FIG. 3.—Moment Diagram for with Uniform Load & ol 


with the M/EI, diagram. . The reaction at B can be ve ‘foie by taking moments 
_ about A. Since the real beam is fixed at B, the reaction of the conjugate beam, mi 


compu 
produces 

| 
q 
| 


_ To compute the fixed- end moments, the conjugate beam can again be andé. 
The diagram for a load, » w, is shown in Because of 


PIPE DIAMETER INCHES 


NOTE ins 4mm 
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FIG. _— End Moments for Uniform Loads, W, on Pipe Snensomnante 


= COEFF PL) 


(FEM Ma 


FOR me DISTANCE FROM 


From symmetry C,, = Cy,, the 
Eq. | must be subsu q. 3 lor integration, which is nol ready 
; _ accomplished. Therefore, numerical integration is used to obtain values from —s J 
CT a 
Loads, P, on Pipe Encasoments (for 


suey 1981 


= M,,, and y one 

moments about A, the be is 


Upon substitution n this becomes 


— 


z 
w 

= 
w 


(FEM Mg = COEFF. xPL) 


= 


b,=.70 


L = DISTANCE P TO FARTHEST ‘suPPORT 
FoR 


. 6.—Fixed-End Moments for Concentrated Loads, P, on Ser 


ctical Desi Limits of D/t=>1) 


load, P, is the same as for a uniform load except that one , additional equation | 


‘is required since the two ‘moments | may be “unequal. The load P is located — 


- + 


1358 
Taking 
| 
= 
(| 
has been omitted to allow the designers to apply their Own sign Convention.) — a ' 
| 
—— 
fad 
a . 
le e encasement center line, a distance, » [rom support A an 
L from support B; : ip e first equation is the reaction at B 


ince the conjugate beam has no reactions, the t total zero. 

the second equation is 


. 


Eqs. 6 and 7 for Moa and M yields the results shown 


in Figs. 5 and 6. (Again, the proper sign is to be added by the designer.) Fig. | 
5 shows M,, and Fig. . shows M, 


,, both as which should be 
Using the encasement as shown in the figures, the designer can 

easily determine the necessary moment distribution factors. The design can 
now be completed by applying moment distribution around the encasement and 

thus, determining the api and negative steel required to resist the applied — 
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APPROXIMATE IN PLastic DESIGN 


Plastic design for steel structures is a design approach accepted by most 
Structural design codes as leading to economical and safe structures capable 


supporting at least the ‘ultimate loads for which they have been designed 
a _ However, the expected behavior of the structure at working ‘oad cannot be 
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herefore, 
| 
ee 
a4 
i= 
investigated directly 1rom plastic procedures. It Will De assumed In Wik 
: that service load behavior may be measured entirely in terms of deflections _ 


at service load. This is a reasonable assumption for most steel structures. wane 
It been shown (6) that applying the unit ‘method | to 


- the correct elastic deflection of the structure under working loads. This procedure 4 
is useful since both the upper-bound approach to plastic design by trial and 
error (2) and the more direct design approach (explained in more detail in Ref. 
6) leave the designer with a plastic bending moment distribution representing — | 
4 measure of the state of bending stresses in the structure at collapse. This 

may then be utilized to calculate service load deflections (after allowing 


clastic bending moment distribution to the unit load placed at 
. point where the deflection is desired to be known. The present note therefore | 
considers the error in deflection | calculation that would result from | not using — 


an inelastic bending moment distribution for m(x). 


‘Theory 


- Using the unit dummy load method (4), the elastic deflection at point a in — 
structure is given by 


by 1) 


‘ia in which M(x) represents the bending moment diagram due to applied loads 
; and m,(x) = the bending moment diagram due to a unit load applied at point 
a in the direction for which the deflection is sought. Contributions due to axial 
forces, shears, etc. willbe ignored. 
_ The distribution of moments m(x) ¢ or M(x), but not both, need not be such — 
— asto ) correspond to a deformation field compatible with the boundary conditions, | 
e€.g., , elastic compatible moment field; any ‘statically | admissible moment field — 
will do (4,6). Indicating an elastic compatible moment field as ()*, and an 
incompatible moment field as (~), the deflection is given — ~~ 


= 
in which the last term is toa deflection extimate based on 
_ (inelastic) M(x) and m,(x). It is desired to ascertain the relationship between o 
the last term and the rest of Eq. 2. od) ad: 
Consider the vectors X and xX, defined as the deviations from the values 
of the redundants X‘,x *, corresponding to elastic compatible stress-states. Any 
‘moment fi field in the a ture n may be writtenas 


M(x) = M*(x) + ¥,m, + ¥,m, +2, 


in which m,— m, = the Sending moment distribution resulting from a unit ; 


load applied at the redundants _ n; and X¥,-X, = the values of the 


deviation redundants in the M system. A similar expression can be written 

for m 4 (*). It is assumed that the same redundant system is selected for | M 

and m, . The deflection estimated from assumed moment mae M(# M M* ) and 


bending moment distrib for the unit dummy load will alwa au = 
q 
_| 
q 


which, as a of Egs. 2 and 3, becomes 


“Finally, ay. 96 de at ip uid): 
pe im, —— + + 


: ms The summation term represents the error of estimating the actual antic: deflection 
gration the of bead. ag nomen! frame 
a The terms | S(n,m m,)/(EI) dx are independent of the choice of stress field 
for either - the real loading or the unit dummy load system, being a function 
- of the choice of redundants for the structure. These terms can therefore — 
be evaluated without reference to the deformation being considered, or the 


particular load case in question. Writing ay ae (m, m JI(ED) dx, Eq. 3 becomes 


- 


i # j ji 

| on the choice of setundoatt, nary may be negative or positive. From these 
3 properties, it is evident that the error between actual and approximate deflection _ ; 

depends: on the product of the deviations from the elastic stress 


field both for the | applied load and for the unit dummy load. Eq. 6 can be 


a used to examine the likely range of error in establishing A‘ given reasonable 


values of likely error X, and Re - However, because a, in Eq. 6 is a function 


Densonen Error Estimate 


represents. a and simple case e for which plastic design procedures 
be applied. For the special case L = 100 ft (30 m), A = 20 ft (6 m), f = 
1S ft (4.6 m), w = 1.0 kips per foot (1,500 kg/m), and v = 0.6 kips per foot | 
_ (900 kg/m), this frame has been designed in the literature (1,2) using plastic 
design. It will be used here to examine deflection calculating errors in aa y (ridge) 

Let the single redundant be the horizontal reaction, H ,, and let the columns 
"have identical section properties, not necessarily equal to that of the rafters. __ 
The elastic poe. moment distribution for the loading shown can be obtained 


| 
M,=M+ 
wl? 
 Moe=—+nM+ 


> 
+ 6n + 6); wy); 2 = /(8N + and k = 


The elastic deflections ay and be calculated using the unit 


To apply Eq. 6 for the error in deflection calculation, the values we 
— x‘,) and ¥,,(=%,, — X{,) are required, in which x,, = 
reaction at E [see Fig. l(a)] due to a vertical unit load applied at C and x,,,, es 
the horizontal reaction at E due to a horizontal unit load A! t D. The ss 
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if 1—(a) Typical Gabled Portal Frame ond Loading; and (b) (c) Error 
Estimate for Errors in M m,, m, of 25% Each = v/w = 
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TECHNICAL NOTES 


a ‘(ay won bosbuj ad ned to rete 
bas Lonrside osle w'\+ eavisy ‘wt 
2n) peo, SB end | 0 7 
& in which N, n and k are as defined previously. sil! 03 
‘Finally, ay as de defined by Eq. . 6 is easily shown to be 


f from integrating the square of the oe moment distribution resulting from — 


bos esciomosa al 


with X,,A4,A%,,%,,,%., and a,, as given. Eqs. 11 were evaluated for 7 


- redundant error estimates of 25% in both x and ‘4x, and for a wide range of _ 


16) and \(c) for for = 1 ‘and for I 
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FIG. 2.—Variation of Deflection Estimate Errore With / I 


Fig. 2 shows the variation of deflection error which changes in J,/I. for 


‘given values of the other parameters, 
d Comparison of the curves in Fig. 1(b) shows that there is relatively lite 
difference in vertical deflection error due to variation of L/h and that in 7 


case there is a very marked increase in vertical deflection error with f/h (ratio 

rise of pitch to vertical wall height). 
bg Fortunately, the very large deflection errors shown in Fig. l(c) are ie crtena 

, with small actual deflections. To indicate this (but not to imply acceptable criteria 

4 for deflections) the maxima of A‘, and Aj, for all f/h, L/h were considered | 
‘to be critical and the relevant deflection errors shown by full lines in a 3 


1b), l(c), and 2. The broken lines denote deflection errors associated — 


| 
x | | 
1, v/w = 0.4. 
> = ie 28 08 
| 
= — 
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effect of v/iw can be judged from Figs. 16) and K(c). Other deflection 
a increasing v/w has little effect on the vertical deflection error, » eed 
i a slight upward trend is noticeable for higher f/h values. A more pronounced | 
effect exists with the horizontal deflection error, Fig. l(c), where increasing — 
wet to decrease the horizontal deflection error. Thisi is due to the horizontal — 
deflection becoming more significant with greater | v/w and higher f/h values. 
§ general, both the vertical and horizontal deflection errors reduce with —_— 
I, Mes latter much more markedly (see Fig. 2). 


© 


rigid frame geometries and loading ratios the error in n calculating 
_ from assumed bending moment diagrams using the unit dummy load method | 
_ is probably of acceptable accuracy for many structures. The results were based — =i 
on an assumed error of 25% in each of the bending moment distributions for 
the applied loading and the unit dummy load. If one of the bending moment a 
"distributions can be estimated more closely to the correct elastic bending : moment 
distribution, the accuracy of the deflection estimate improves accordingly. When 
the rafters are bigger than the columns, as is often the case for longer spans, 
‘the estimation error is reduced. 
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The deep- column in Fig. has often been used to rey represent 
_ Shear-wall segments in two-dimensional multistory building frames (1). In such 
7 applications, the width a of the clement is taken to be the width of the shear 
wall, and the height bis | taken to be the story “height. Although shearing > 
| Strmatons are included in the stiffness p1 properties of the element, the upper _ 
_ and lower edges AB and CD are assumed to remain straight when the segment 
< is distorted. This inconsistency in the formulation works well enough for slender 
, «framing members but leads to unrealistically high moments in shear-wall segments, | 
7. _ which precludes the calculation of internal stresses. The objective of ‘this paper 


co contrast to the six- -displacement | deep-column element in ‘Fig. l(a), 
previously developed plane stress element (4) in Fig. 1(b) has 16 iT ll 
- coordinates, or degrees of freedom (DOF). In the latter case, the generalized 
_ displacements consist of u, v, _ av/ax, and . —au/ay at each of the four nodes. 
7 _ When this element is specialized for use as a shear-wall segment, the x translations 
numbered one and five at the upper nodes may be constrained to be equal. » 
In addition, the slopes numbered three and seven may be constrained to be — 
equal, and similarly for the slopes numbered four and eight. If such constraints 
Pa are also imposed at the lower edge, the resulting ten-DOF shear-wall segment 
as shown in Fig. (Note that the slopes of types" three and four and 
a types eight and nine in Fig. l(c) have also been interchanged to put the 
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FIG. 1 ata) Six- DOF Deep Column Element; (b) Sixteen-DOF Plane Stress Element; 


slopes first.) The constraint matrix (3) required for this purpose is 

q 


TECHNICAL NOT 


This matrix relates the vector d of 16 nodal displacements in Fig. 1). to the 
vector D of ten nodal displacements in Fig. l(c), as follows: 


Then the stiffness matrix S,, for the 16- 


the | ten- DOF element = the iit nce tran 


=C’ 


Fig. 2 shows a building fr frame with steel beams and columns 
and a reinforced concrete shear wall. Member sizes are as follows: B1 = W21 
x55; Cl = W8 x 31; C2 = Wi0 x @, C3 = Wi12 x 85; and C4 = wid 
q 106. The concrete wall is 10 in. (0.25 m) thick, the length, L, is 144 in. 
4 (3.66 m), and the modular ratio of steel [E « = 30,000 ksi (2.069 x 10° kN/m’)] 
‘to concrete [E = 3,000 ksi (2.069 x 10’ kN/m7’)] is taken to to be ten. Wind © 


0.00051 
0.00502 
0.02165 
0.06152 
0.13562 
0.25307 
0.41933 
19654 | 0.63578 
0.90105 000 «49. 46.760 
1.23255 -§7.000 | 55. 


Note: | in. = 0.025 m; | psi = 6.895 KN/m?. 


applied in the x story levels are = 2. 88 (12.84 KN) 
and P, through P,, = 5.76 kips (25.6 KN). Various subcases of this example © 
--were analyzed, and partial results are summarized in Table 1. The translation — 
Ain the x direction at the top of the wall and the shearing stress t at the | 
~ center of “the base element are given for cases of N, = 1, 2, 3, ..., 10 (in 
which Ny. = number of stories). Subscripts a, b, and c on A and + in Table 
Cantilever Beam Analysis (a).—From Felippa (2) an “upper bound for the 
translation at the end of a uniformly loaded cantilever beam i cam iS A ween? ; 


| 
SSS 
3 
=e 


in which w of = length; A = cross-sectional area; 
- modulus of elasticity; and v = Poisson’s ratio. In addition, the en | 
stress the axis a cross is given 
Licey 
in v= = shearing force on the cross section. Mis 
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FIG. 2. Ten. Frame With Sheer Well 
-Shear-Wall (b).—The wall alone was was analyzed using the ten- DOF 
shear wall element. (Results obtained in this case match those me nad ‘16- Or a 
element to within six significant figures.) than 
Wall and Frame Analysis (c) -—The combined frame e and s shear wall was analyzed © 


When. A, is ‘compared with A, for the ten- -story case (see columns 2 and 
oe of Table - a maximum discrepancy of 8.8% is found due to stiffness of __ 


| 


1, is 3.5% (see columns 5 and 6). This discrepancy is attributable to proximity = 
with the fixed base, where the stress pattern is not well defined. In contrast 
= this condition, the value of. 7, at the center of the fifth element from the 
top is 27.005 psi, compared to t, = 27.000 psi. It is also interesting to note — 

- that the deflection at the top of the ten-story structure is approximately halved 

= the frame is added (column 4 of Table 1), while the shearing stress in 
the lowest element (column 7) decreases very little. en al dnt Se 


“a _ The most important criterion for the design of a shear wall is the | 
value of the diagonal tension, which is equal to the shearing stress at the cente 
line of the lowest element. The accuracy of stresses calculated with the ten-DO 

in shear-wall element described herein appears to be sufficient for the ae 

| design of such shear walls in multistory frames. Shear force and bending moment 
at any level i ina shear r wall can be computed b by Statics if if desired. desired. — 

Appenix For Ten-DOF — 

+ (b/Sa) v,; S S25 = 

; S25 = (9a/70b) 

S25 


Sis = 0; Sine = Sis; 
S.4 = Ga’ /140b) + (6/30) 
S26 = S,5; S27 = —(13a/35b) + (b/10a) 
v,; S249 = —(9a/70b) — (b/10a) 
= Sis; 
= 0; S44 = (a°/210b) + (ab/30) ¥,; Sas 
= = 05 Say = —(a°/210b) + (ab/60) 


S, S56 Ss, = ‘Sa: = S23; Ss = 94.107 
133 Soo = 0; S6io = 


= S235 So 53> %6, 

S,, Sis = S,. S35 Ses = 0; 
Sei = —S23; Soo = Ss tu. «8 terms to 
thickness of wall; E = 


= 
5.5 


9.9 
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Discussions may be ‘submitted ‘on any Proceedings paper or or — note » published i in sae 
Journal or on any paper presented at any Specialty Conference or other meeting, the Proceedings 7 
of which have been published by ASCE. Discussion of a paper/technical note is open to 
anyone who has significant comments or questions regarding the content of the paper /technical 
noie. Discussions are accepted for a period of 4 months following the date of publication 
of a paper/technical note and they should be sent to the Manager of Technical and Professional . 
Publications, ASCE, 345 East 47th Street, New York, N.Y. 10017. The discussion period may 


be extended by a written request from a discusser. — _ 


a is restricted to two Journal pages yey four typewritten ‘double- pages 
of manuscript including figures and tables); the editors will delete matter extraneous to the 
subject under discussion. If a Discussion is over two pages long it will be returned for shortening. 
All Discussions will be reviewed by the editors and the Division’s or Council’s Publications © 
Committees. In some cases, Discussions wil! be returned to discussers for rewriting, or they 
may be encouraged to submit a paper or technical note rather than a Discussion. Se 

_ Standards for Discussions are the same as those for Proceedings Papers. A Discussion is 

7 subject to rejection if it contains matter readily found elsewhere, advocates special interests, 


_ iscarelessly prepared, controverts established fact, is purely speculative, introduces personalities, 
or is foreign to the purposes of the Society. All Discussions should be written in the third 
person, and the discusser should use the term “‘the writer’’ when referring to himself. The 

_ author of the original paper/technical note is referred to as “‘the author.” _ 

Discussions have a specific format. The title of the original paper/technical note appears — 
at the top of the first page with a superscript that corresponds to a footnote indicating the 
month, year, author(s), and number of the original paper/technical note. The discusser’s full 


name should be indicated below the title (see Discussions herein as an example) together with 


7 his ASCE membership grade (if applicable), 
‘The discusser’s title, company affiliation, and business address should appear on the first 
_ page of the manuscript, along with the Proceedings paper number of the original paper/technical — 
note, the date and name of the Journal in which it appeared, and the original author’s name. _ 
a Note that the discusser’s identification footnote should follow consecutively from the original 
_ paper / technical note. If the paper/technical note under discussion contained footnote numbers 
ad and 2, the first Discussion would begin with footnote 3, and —- Discussions would 
Figures supplied by the should be designated by , starting with A. This also” 
- applies separately to tables and references. In referring to a figure, table, or reference that = 
appeared i in the original paper/technical note use the same number used in the original. | ue 
It is Suggested that potential discussers request a copy of the ASCE Authors’ Guide to 
‘the Publications of ASCE for more detailed information on preparation and submission of 
manuscripts. 
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SINGLE Equation | FOR SSRC 


| by J Rondal* wit René Maquol’ 

_The writers wish to thank Galambos for his interest - their paper and for. 


. for checking the suitability of a selected column section. 


Smaverurat I Deans AND PERFORMANCE 


yers,”M. ASCE 


‘The writer would like to to ‘for his interest in the paper 
or his valuable comments. His discussions of scour, foundation settlement — 
ad the effects of climate address important issues. _ ese" 
_ The subject of collision damage to trusses deserves “considerable € attention. — 
‘The maximum utilization of high quality materials described by Potyondy can 
result in truss members with relatively small energy absorption capacity. This a 
increases the risk of fracture from collision damage. 
_ Two incidents of damage to diagonal eye bars by shifted loads on open railroad 
cars will illustrate the variability of damage under similar conditions of loading. 
In both cases, the damage was _ discovered during routine inspections and the 
_ speed at which the load struck the member could only be inferred from normal 
operating speeds. Both bars were in multiple bar members where redundancy : 
in the member would prevent collapse due to the loss of a single bar. Both 
were mild steel. Strain rates were probably have d 


6-i -in. x 1/4i -in. we 32-mr -mm) ter was on one corner rand 


| “January, 1979, by Jacques Rondal and René Maquoi (Proc. Paper 14276), 
 “Chargé de ; Cours, Résistence des Matériaux et Stabilité des Constructions, Institute od) 
du Genie Civ., Univ. of Liege, 6, Quai Banning, Liege, Belgium. 
-*Chargé de Cours Associé, Résistance des Matériaux et Stabilité des Constructions, i 
“Institut du Genie Civ., Univ. of Liege, 6, Quai Banning, Liege, Belgium. 
a Bridge Engr., Western Lines, The Atchison, cae and Santa Fe Railway Co. 900° 
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bar dimension, about 6 6 in. (150 mm mm). Repairs consisted of heat straightening 


“in. 1-1/8-in. (130-mm x 29-mm) bar had been repaired by welding 
fish plates to both sides of the bar. One of the fish plates was struck | by a 
shifted load causing a brittle fracture of the bar at the end of the plate which — 
_was struck and buckling of the bar ahead of the point of apnea. The fracture 

_ appeared to be 100% brittle and started at the toe of the weld. st” 

~~ It is probable that the second bar could have survived impact equal to that 

which caused the fracture if its ductility had — not been reduced by stress 

concentration resulting from the welded fish plates. 7° 


NG OF STIFFENED Hyre PERBOLOIDAL Cooune 
Closure by by Thsan Mungan® ‘end Otto Lehmkimper® 


the paper and for their ‘comments. . Within ‘the limited frame of i intrest in the 
effect of imperfections and cracking could not be discussed. However, the — 
_ German Code DIN 1045 for | reinforced concrete structures requires for shells 
a buckling safety factor, y, of at least 5. It is generally accepted that this 
Telatively high safety factor takes care for the reductions due to slight imperfec- 


= 


governing parameters. The realistic structural boundary conditions as offered 
by the column supports do not change the stiffening effect itself. In addition, _ 
the column support have a relatively small effect on the buckling behavior | 


if no soil settlements are assumed. signeatedilaimmeaiaiaiceda: 
os “October, 1979, By Ihsan Mungan and Otto Lehmkamper (Proc. Paper 14917). isu Shes 
* Wissenschaftlicher Angestellter, Ruhr-Universitat-Bochum, Institut fiir Konstruktiven 
Ingenieurbau, 463 Bochum, Universitatsstr 150, Germany, Federal Republic. 
Staff Engr. , Rheinisch- Westfalisches Elektrizititswerk AG, Hauptverwaltung, Essen, 
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Torsionat BUCKLING Srupy OF oF Hartrorp Couiseum" 


preparstia Robert Ww. Loomis," A. - M. ASCE and ‘Richard Ww. fo 
ins Epstein and Smith each disagreed with the authors’ use of K_ 
factors. The authors’ approach accounted for the fact that the same physical - 


restraint at the ends of the members provide different boundary conditions 


for torsional and for lateral buckling. We evaluated the condition as being close 


we were > studying the ‘possibilities that led us to the approach presented in 


when we evaluated the members on this basis it provided an explanation of ; 


= our paper. We followed this course because it was more logical to us. And 


the collapse that fit the physical evidence. rgieob sf) oF 
- Discusser Pretzer also questioned the authors’ use of K factors, but based — 


7 his argument on the degree of restraint at the ends for warping. Again, the 


_ authors did evaluate this before preparing the paper. The mathematical conditions — 


of (13) for ‘‘no warping at the ends’’ better fits the restraint conditions than 


do the conditions of (15) for ‘‘the ends are free to warp.’’ Although only one 

7 leg of each angle is clamped in place, the outstanding leg carries no load at 
: the end. We therefore concluded that the restraint was closer to a fixed condition. oa 
* The authors recognize that the issues raised by the discussers are crucial _ 


a § ‘to our approach. We did not have laboratory test results to verify the theory 
x as we used it, and we commented on this in our conclusions. The only test 
results we have are the data obtained for the Coliseum, and it fits our model — 
accurately. The only collapse “funnel” occurred just” south | of the northwest 

. corner ‘support where the compression diagonals calculate as being adequate 


by lateral buckling theory. By our torsional buckling approach, however, these — 


diagonals should buckle at the load that was on the roof at the time of the 
‘The authors still hope that someone will be able to perform tests to prove 
or disprove our approach. We. do appreciate the comments by the discussers- 
and hope they may inspire ‘some interest in laboratory testing of the four angle 
cruciform in axial compression. Until then, we cannot discount the fit of our 
work to the evidence as being a coincidence. To date the authors explanation 


of the collapse is the only one we are aware of that does fit the actual state © 


of the collapsed structure. If o our explanation i is flawed, then what did cause 
~ compression members, that were adequate laterally, to buckle in the area South 


“January, 1980, by Robert S. Loomis, Raymond H. Loomis, Robert W. Noa grew and 
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the Northwest corner? No rational. description of the « can ignore 
_— the physical evidence and this paper is the only study to date on is consistent 


ANALYSIS OF Sra = 
Stan 
Closure by Erdal Atrek* and Arthur H. Nilson*M. ASCE 
The writers were pleased to have the response from M. Davies, whose work > 
with E. Bryan at Manchester and Salford Universities has contributed greatly 
to an understanding of the behavior of these complicated systems, as well as 


— to the development of practical design methods. Davies observes that for certain | 
cases a more approximate nonlinear analysis may be satisfactory. The writers | 
| «agree completely with this statement, and would go even further to say that, 
for many cases, an estimate of behavior, including failure load, based on elastic : 
§ = analysis may be sufficient. The nonlinear plane-frame approach of Ref. 17 was 

; 3 yet available during the course of the work on which the present paper 


was based, and offers an alternative giving good results for regular diaphragms. — 
_ As indicated by the writers, the main use for the nonlinear finite element 
analysis may be in providing an accurate means to assess the distribution of _ 
internal forces between supporting beams, purlins and panels, thus providing 
a firm basis for the approximate methods, and to study the effects of irregular 
4 Diaphragms with openings were not studied analytically because the authors 
did not have access to experimental results against which the analysis could 
_be compared. However, it should be noted that the computer output provides 
the deflections at all degrees of freedom in the finite element model, as well — 
as s the Seenes in the connections at all levels. It is therefore easy t to note © where, 


produce local damage. It wi was s by review of the complete computer output that 
- the intermediate purlin in the last diaphragm example was found to be assisting | 

in the load-carrying in the higher loading range. Force concentrations and 

excessive deformations around large openings could as easily be identified. 
. The writers have not obtained good results using the elasto- -plastic modeling 

of the connections suggested by the discusser and shown in Ref. 17. Theoretical - - 
¢ analysis indicated proper initial stiffness, but the predicted limit of linearity 
4 March, 1980, by Erdal Atrek and Arthur N. Nilson (Proc. Paper 15257), —t™ 


“Asst. Prof., Dept. of Civ. Engrg., Faculty of Engrg. and Architecture, Istanbul Technical in 


_ Univ., Istanbul, Turkey; formerly, Grad. Research Asst., Dept. of Structural Engrg., 
” Prof. and Chmn., Dept. of Structural Engrg., School of Civ. and Environmental Engrg., 
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and t the diaphragm were ‘substantially above experimental 
though the yield point was taken somewhat below the asymptote. For the model 
of Ref. 17 (Fig. 11) with higher yield point, worse results could be expected. 
~ Itis likely that this accounts for much of the difference reported by the discusser =i 
_ when applying his approximate method to diaphragms with openings. Stress _ 7 
concentrations along seams near the openings must also be considered. 
_ An important part of the cost of a nonlinear finite element analysis is in 
"preparation of the data. While automatic mesh generators were developed for 
_ the Cornell work, the use of such subroutines for diaphragms with complicated 
"geometry is is difficult. | It is interesting to speculate on the use of newly-developed ; 
computer graphics. capabilities, which should be as helpful in diaphragm | studies — 
and design as they have proved to be in other types of finite element analysis. . 
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Rovcn Cracks IN REINFORCED 


by by Zdenek P. Bazant,* F. ASCE and Pietro © Gambarova,* ASCE 


 £ is particularly appreciated. It was my because of space limitations that the 
writers were unable to include a detailed review of all significant previous work, 
although they were aware that, e.g., the preceding developments in which wd 
, shear stiffness of cracked concrete was formulated as a function of the crack 
: width, had been aimed at tackling tl the same problem. Although these develop- 
‘ments, ‘especially the formula of Houde and Mirza (36), the use of which was 
made by Gogate and Bishara (33,34), have been very valuable, they are insufficient © 
to give a realistic description of crack behavior, since they ignore the role 
of the normal stress transmitted across the rough interlocked crack surfaces. 4 
Modeling of this phenomenon, which hich had not been attempted be before, was the 
principal objective of the paper. 
7 interlock of the asperities on rough crack surfaces, cannot be completely described 
by the shear stiffness (tangent or secant). It is essential to model also the | 
fact that any tangential displacement at constant crack width substantially affects 7 
the normal si stress transmitted across the crack. This is further tied to the , 
_ phenomenon « of crack dilatancy, characterizing the fact that at constant normal 
stress a | tangential displacement produces an increase in the crack width, =| 
= “April, 1980, by Zdenék P. Bazant and Pietro Gambarova (Proc. Paper 15330). ee 
~ Prof. of Civ. Engrg., The Technological Inst., Northwestern Univ., Evanston, Il. 
“Prof., , School of Reinforced Concrete, Politechnico: di Milano, Italy; Post- Doc- : 


Asacon a consequence of these it is to the crack 
behavior in terms of a relation between the shear stress and relative ngeutial 
_ displacement; rather, one must consider two displacement variables, the normal 
and the two force which do on 


.: a 2 X 2 matrix (Eq. 1). The writers believe that the interplay of the normal _ 
and tangential movements ; and the normal and shear stresses is a very important 
‘The writers disagree with Gogate’s statement that Eq. 4 is in error. — 
functions f, and f, (Eq. 2) must be considered as continuous and twice continuous- 
iy differentiable and their mixed second derivatives with regard to 8, and 5, 
must of course be equal. Then obviously, Eq. 4 must hold. If it did not, then —— 
tions f, and f, which satisfy Eq. 3 could not be found, i.e., Eq. 3 could © 
met be integrated to yield functions f, and f,. Therefore, Eq. 4 does represent a — 
- necessary condition of integrability. In effect, functions/, and/,can be regardedas _ 
: potentials, and Eq. 4 represents the coos A conditions for the existence a 


in —The fll following corrections should be made to the original paper: 


829, 9, Ea 27: Should read 


Page 838, line Should read ‘ ad * (deformation) instead ¢ of ‘(deformation 


Page 838, 32: Should read qC, instead of gC, 
Page 838, last line: Should read Eq. 30insteadof Eq.31, 
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PDF or Winp ON Low-Rise Bumpincs* 
Closure by Theodore Stathopoulos,” M. ASCE 

The writer thanks Holmes for his interest in the paper and his ‘discussion. = 
Eq. 21 is based on Gaussian velocity fluctuations whereas in the case of the 
writer’s data the velocity fluctuations at png close to ground level have 


that the departures from the Gaussian form | at the positive tails are somewhat z 
greater than those calculated by Eq. 21. tol walt aft 
_ It would be interesting however, to examine whether the general model for — 
positive pressures suggested by Eq. 3a with the parameters indicated in Fig. | 
_ 8 fits Holmes’ data satisfactorily. This is a task to be undertaken in order 
_ to confirm the validity of the writer’ probability model. trom soma 


Seismic SHEAR Stresses IN Burie BE Beams Mes) 


by T. Selcuk Atalik? vel ted oft to 
fee The writer would like to thank M. J. O’Rourke for his interst in the paper 
_ The writer agrees with O’Rourke that for a particular site the determination : 
_ of the apparent propagation velocity may be quite difficult. However, the writer 
disagrees » with the concept of using a value for any site based ona few earthquake 
7 Finally, the writer would like to point | out that | engineers would be rather 
encouraged further research demonstrates their design was 


“May, 1980, by Theodore Stathopoulos (Proc. Paper 15409), 
> Asst. Prof., Centre for Building Studies, Concordia Univ., 1455 de Maisonneuve Blvd. 

W., Montreal, Quebec, Canada H3G 1M8. 

"June, 1980, by T. Selcuk Atalik (Proc. ‘Paper 15451). 
Bechtel S. A., Paseo la Castellana, 36/38-8, 8°, | Madrid- 
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Errect in RC Sxass: Ricw-Pxastic ANALYsIs* 


Discussion by Jelle Witteveen,* Ton Vrouwenvelder,” an and Ad Lourenssen en 


_ First, the writers would like to express their appreciation with the way the 
= has made a clear distinction between ‘‘flow theory’’ and “deformation — 
theory.”” Indeed, the examples shown indicate that the two theories can lead © 
te completely different results. In his paper, ‘the author shows an outspoken 
_ preference for the flow theory for several reasons. However, in the opinion = 
of the writers, the one determining reason is the unloading characteristic of 
_ the material under consideration. In fact, deformation theory should be used 
i elastic materials and flow theory for plastic materials (see Fig. 10). However, 
} since most materials exhibit plasticity the majority of structural analyses should — 
The main object of this discussion is to present some calculations which 
can be regarded as extensions of the examples shown by the author. The writers’ 
_ items deal with strips in which the rigid supports are replaced by ane 
= springs. The analysis for this case has been carried out recently as part 


conditions. The elastic springs represent the in-plane stiffness of the slab-part ; 
under consideration and of the adjoining parts (Fig. 11). The interesting point 


= an investigation into the behavior of concrete beams and slabs under fire _ 
s that the results, apy obtained by flow theory are very similar to the 


The equations governing the will now be derived. For 
reference i is mote to The main kinematic is 


in which a = the half span; e = elongation of the spring; w, = the central: 
deflection; and 8, and 8, = horizontal midplane displacements at : the supports ore 


at Neglecting higher order terms other than we , is that: 


Prof. of Structural Mechanics, Dept. of Civ. Engrg., Delft Univ. of | Tech., The 
_ Netherlands; also Deputy Dir., Inst. TNO for Building Materials and Building Structures, 

O. Box 49, 2600 AA, Delft, The Netherlands, 
Research Officer, Dept. of Concrete Structures, Inst. TNO for Building Materials — 
and Building Structures, P.O. Box 49, 2600 AA, Delft, The Netherlands, 8s” 
Research Asst., Dept. of Concrete Structures, Inst. TNO for Building Materials and a 

Building Structures, P.O. Box 49, 2600 AA, Delft, The Mothertunte. , 
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FIG. 10.—Elastic end Psi Material Behavior 


11.—Schematization of Concrete Slab under Fire Conditions 
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he. 
2. 
FIG, 12. Definition of Kinematic Parameters 


he 


in which p = the distributed load: Na» n,,m, im, = dimensionless 
normal forces and 1 moments at the points a and h= = the plate thickness; q 


Finally, the material behavior must t be m modelled i into the constitutive equations. — 
.. the concrete, rigid plastic behavior is assumed with the same yield curfaces ; 
as used by the author: 
y 


Sem 


of (n, = —m ‘+n 


section at the support where the moment is negative. In addition the normality 
- applies for both cross sections. » For’ the support cross section this yields: — = 


a ppear because of the presentation of the yield — 
ns. the two leads to: 


equilibrium r 
n, = Mh 
a 
—m 
M 
IG. 13.—Definition of Static Parameters 
| 
(35a) 
*.. bs 
for the cross section at the center of the plate where 
tel, 
CD 
«Surface in dimensionless ter 


at bie SE 


Fin nial a constitutive equation for the linear € elastic | spring must t be stated: tia) E 


hS as a Sno 


: With Eqs. 31-35, 38, and 40 the problem has been described giclee, . To 


solve ‘the e equations first Eqs. 38 and 40 are are substituted into Eq. 31. Using 


Se 


Fueally a ag 
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4 pate catlapse load ~The, 
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“the tea the lori tort of the 


FIG. 14. —Rigid- Plastic | Load-Deflection for Slab Strips: Heavy wy Indicate 
= 1.0 (Spring Restrained); Dotted Lines Indicate = 0 (Rigidly Re: 
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fact, for the 


Eqs. 32 and 33, the followin 


n,) can be ot obtained: 


+n.) +2n, +ho 


dw, 


The mt c can be chained from the the condition that n, _=0 for w, = 


‘The normal forces n, and n, being known, the moments m, and m, can be. a 


found from the yield eondiions Eqs. 35a and 355. Substitution into equilibrium 
condition (Eq. 34) finally leads to the desired bar se wes between the load 


results of three examples, chosen from author’s 


a sealietic horizontal spring stiffness. For comparison, Fig. 14 also shows i 
Se for the the rigidly restrained — hall 0) and the nonmembrane solution 


From these results two arise. First, the: p-w -curve starts ai the ~ 
elementary collapse load and not at the | dome load (as in Fig. 6). ie 
the p-w-curve shows a delayed dome effect but, before rising because of tensile 
_ membrane action, falls below the elementary collapse load. In the case of no 

reinforcement [Fig. 14(c)] this even results in a temporary negative load bearing 
capacity. This drop below the elementary collapse load is also found by the 


‘theory. ‘This phenomenon is s considered as as “‘curious’ by the author and used 
aS an argument against deformation theory. As can be seen from the results — 
: presented here, such a phenomenon also appears when flow theory is applied. aa 
a: 
of s spring; 


lla spring stiffness; 
_ dimensionless strain; 


| 

n, = Cexp “4 
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_ The author cannot be aware of the research work done by the writers ‘on 
the same subject; in fact the results of this work were published in Italian 
and are only locally known (3,4). More recently a paper in English has been 
for publication (5) and is due | to appear soon. 
In the present discussion the writers should like to give a short account of — 
a work in the area and then make a comment on some specific aspects 
of the problem considered by the author, —‘“—sSs—s~s—S 
_ The writers’ interest in the subject was etgbienes by the experience they 
_ gained with some simple analytical models used to reproduce the experimental 
behavior of an . orthotropic steel plate subjected to repeated loads, which was 
tested in the laboratory of their home institution (6). The model of a two- span < 
beam with a central elastic support was very spontaneously selected and, in 
particular, the first of the two loading cases considered in the paper was studied. 
Identical results were obtained and similar comments were wasn 


og given an n elastic perfectly plastic structure, “under variable repeated loadings, > 
; find a design which maximizes the shakedown load, being the design variables — 
7 so selected as to affect only the elastic poapertios heal the structure and not 

the ultimate plastic capacity of its members (3), 

Subsequently the question of optimal choice of elastic parameters in atte: 
4 ‘design problems was extended to the dynamic case, , following Refs. 7 and 8. nt 
a A simple one degree of freedom analytical model was selected for illustration 

i and a corresponding experimental model was also realized and partially tested; ; 


preliminary res results of this theoretical and experimental investigation were reported 


Finally a more comprehensive and complete treatment of the whole theoretical _ 
ha both for the static and dynamic case is contained in Ref. 5. weird 
i Just a comment, now, about the examples considered in the paper. In both _ 
b a them there is one specific value of the flexibility of the central support 


at which the shakedown load W, is made equal to the collapse load W.. . The 
question very naturally arises if this is a general result, but the answer, aS 
_— Consider in fact, for the same structural model, the loading cycle of Fig. 
a with the two independent loading parameters W,, W,. In this case the ratio © 
of the two forces is another parameter of the problem and an effective way 
of giving a Oa of all possible situations is to represent, in the plane of 


‘July, 1979, Irving J. Oppenheim (Proc. Paper 15536), 
Assoc. Prof. of Civ. Engrg., Univ. of Rome, Italy. » 
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a 


of collapse and shakedown. ‘These loci are feentions of domains which can 


be called plastic domain and shakedown domaine 


IN 


to ofa (0, ©, ©. 0.727, this representation is to give a 


idea of the evolution of the shakedown domains on the whole — of variation 


An inspection of the figure e shows that, with regard tothe possibility of satisfying 


a (as defined in the paper), togethe ains corresponding __ 
| 


W, = _W., all the | three possible cases may be given: 
1. W,/W, < 3; the equality is satisfied for only one value of a [a = 0.727, 
as in the first case considered in the paper, ‘Fig. 2(a)] in heeded 
logep > W,/ W, > 5/8 (points inside the angle formed by the the straight lines 
rand s); the equality. holds for values of in an interval. 
ea 5/8 > W,/W,; no value of a exists for which the equality holds (the 
W, # W. is obtained ata = 


Ciampi, Gavarini, es Parametri Elastici in Regime di Adattamento 


4. Ciampi, V., Gavarini, C., and Grillo, F., ‘‘Scelta Ottimale di Parametri Elastici in 
Regime di Adattamento Plastico Statico o Dinamico,’’ Proceedings, Giornate Italiane 
Costruzione in Acciaio, CTA, Verona, Oct., 1977, 
. Ciampi, V., Gavarini, C., “‘Optimal Choice of Elastic Parameters for Systems in — 
See of Static or Dynamic Shake-down,’’ presented at the Sept., 1978, XXth > 
a Polish Solid Mechanics Conference; to appear on Archivum Inzinierii Ladowei. _ aaa 
6. Ceradini, G., Gavarini, C., and Petrangeli, M. P., ‘Steel Orthotropic Plates Under — 
~< - Alternate Loads, “a Journal of the Structural Division, ASCE, Vol. 101, No. ST10, 
Proc. 11618, Oct., 1975, pp. 2015-2026. 
2u¢ eradini, G . “Sull’ adattamento di Corpi Elastoplastici Soggetti ad azioni dinamiche,’ 
* Gavarini, C., ‘Sul Rientro in Fase Elastica delle Vibrazioni Forzate Elasto-Plastiche,” 
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“Discussion by C. E. Massonnet,‘ F. ASCE and R. J. Charlier® 

__ The topic studied in the paper is the web distorsion of J-member or H-member, 
mostly fabricated by ¥ welding and having very | thin webs. The writers wish to | 


1. That the foregoing problem is somewhat restrictive, and should have gained 
Ss have been extended to the more general case of beams with a — or ne 

truss web, having torsionally stiff flanges. 
z That, ener: the references are far from complete and i ignore ie 


Constructions, Univ. of Liege, 6, Quai Banning, Liége, Belgium. DN» ot eS - 


| 

_| 
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of the extended earlier work that was made in Europe. The reader will find 


a the end of present discussion the references to some significant European 


papers (mostly German) that have been forgotten (27,28,29). 

: r, the present discussion will concentrate on the basic principles = 

the study and on the comparison between the results obtained by the authors _ 

and in those obtained in a thesis presented 12 yr ago by S. Baar (27). The 

loading considered (bending plus compression) is the same in both papers, but — 

= of using energy equations, as the authors, Baar establishes a = 


four differential equations connecting which are identical, 
respectively, the notations Ur, Us, and o, of the authors The physical 
approach used by Baar is more general than that of the authors, because it 
takes account of the nonuniform torsion of the anges, of an elastic translational 
_ and rotational restraint of one of the flanges, and of any boundary conditions. _ 
Baar then applies his equations to various particular cases, including those studied 


* _ We have tried to compare some of the numerical results g given by the authors | 


“and, in particular, their diagram Fig. 8. However, we have not found, in this 


‘nondimensional diagram, the ratio h/t that is obviously | of prime importance 
F ‘for the effect of the distorsion and we were, for this reason, unable to compare 
to the result (0.8) given in the paper with Baar’s theory. Anyway, for h/t 
= 200 and P/P, = 0, we found a value of M/M, equal to 0.83. aia 
4 As shown by Fig. 9, Baar was especially interested by the lateral buckling ie 
and flexural-torsional buckling < of girders with tubular chords and a web replaced — 
by a truss, in which case the reduction of the critical moment of lateral buckling © _ i 
7 may be up to 220% on comparison to the classical value assuming no distorsion 


am. ‘Baar, s., “Etude théorique et expérimentale du déversement des poutres a membrure 


SS tubulaire,” Collection des Publications de la Faculté des Sciences Appliquées de 
28. Link, M., “Zur Berechnung einfach-symmetrischer I-Trager nach der Theorie II,’ big 
a Ordnung unter Beriicksichtigung der Querschnittsverformung mit Hilfe hybrider finiter — 
Elemente, Der Stahlbau H.5 (1975), S. 140-146. 
Sedlacek, G., ““Systematische Darstellung des Biege—und Vertrekvorganges 
Stabe mit diinnwandigen Querschnitt unter Beriicksichtigung der Profil- 


-verformung,’ Forschritt Berichte, VDI Zeitschrift, Reihe 4, Nr.8. 
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Continuous Steex I-Girpers: Optimum PROPORTIONING 


__ Cpaenins the cross-sectional area of I- -girders has engaged the attention of iq 


- Schilling (6) concludes that for an an optimum | cross section with reference to 
elastic section modulus, the web area is to be 50% of total area, while the a 
author (2) arrives at this area as 75%. The author may reconcile this. pee Apter 

= _ The author has further ogtimized the depth (2), but in the application, the _ 


In Fig. 7(a) for F, = 36 ksi, minimum h/t = 165, and 1 not 133 ©. - 1552). a 
the calculation under, any change on this score? 


Discussion by! N. Clayton? 
The writer would like to ) take this opportunity to pe point out a severe limitation 4 
q of the cylinder splitting test as a means of determining the tensile strength 
_ of concrete, which is, unfortunately, also shared by the double punch test — 
described in the original paper, $= 
o The ultimate load measured from a cylinder splitting test depends to a large — 
degree ‘upon the resistance to ) compressive stress of the small regions of concrete, z 
; above and below the fracture plane, which are not. subject to the indirect lateral — 
tensile stress. These regions are actually under triaxial compressive stress, — 
produced by the method of load application used, and they prevent the vertical 
_ crack from immediately spreading right across the cylinder, to the surface. 
- Therefore the strength of the specimen is not solely dependent upon its resistance _ 
to tensile stress. Hannant, et al. (22), who were the first to notice the importance oo 
7 of this effect, have shown, by the testing of presplit cylinders (made by casting 
c each cylinder in two halves, the plane of separation being along the length 
July, 1980, by Abdul K. Azad (Proc. Paper 15575). 
?Engr., C. R. Narayana Rao, Architects and Engrs., Karpagambal Nagar, Luz, Madras-4, 


q 
Dept. of the Environment, Building Research Establishment, Building Research Station, 
Garston, Watford, WO279R, England, 


and to the usual fracture plane) that at least half the 
ha ultimate load depends upon something other than the concrete cylinder’s resistance 
. a lateral tensile stress (the presplit cylinders obviously had zero lateral tensile 
x ‘strength, yet carried over half the load which they would, had they been whole). 
ss observation was made, it should be mentioned, for small (4 in. diam) 
however, the writer has repeated | the tests on standard 6- in. 
_eylinders and found the same effect, to only a slightly lower degree. satire 
Bag ree now to the double punch test, a similar argument applies, i.e., 
4 he strength depends, in part, upon the resistance to compressive stress of 
the conical regions immediately next to the punch pieces. The question is; how 
_ much does it depend? To: find out the a answer, the writer r carried 0 out ut the following 


concrete cy linders (6, 000-p psi cube crushing 1 in. maximum 
size), the writer carried out double punch tests after having first fractured the — 
cylinders by splitting. As a comparison, the writer tested cylinders from the 
‘same batch by double punch only. A 1-1/2-in. diam punch was used. In total, fs 


the writer tested 23 23 ‘pairs of cylinders in this way and the ‘results are shown 


Strength of whole strength of presplit 
eylinders, in ‘| in pounds | Ratio of 
Parameter per square inch 5 # per square inch each pair 


confidence 

a limits of mean —— 

The results show that a substantial part, about a fifth, of the double punch | 
strength, depends on something other than the concrete cylinder’s resistance 
to lateral tensile stress. Although this proportion is not as great as that mentioned — 
above for the - splitting test, it is certainly enough to question ‘the validity of ” 
the double punch test as a means of determining tensile strength. The writer 
concedes that the double punch test is able to predict ‘‘the comparative orders — 
of magnitude of the tensile strength,’’ but, then, so is a compesesion | test. In 
the writer’s opinion, neither the splitting test, nor the double punch test, , provide 
information which is not provided by an ordinary compression test, 


the apparently out-of-favor flexure test is, in contrast, a relevant test for pavement » 
concrete control and other situations where the tensile, as opposed to the fi 


compressive, characteristics of the concrete are wi 


22. Hannant, D. J., et al. “The Effect of Aggregate Size in the Use of the Cylinder 
a Splitting Test as a Measure of Tensile Strength,” Matériaux et Constructions, Vol. — 
6, No. 31, 1973, PP. 15- 21. 


| | 


_ The authors assume that there may be pre-existing cracks of any direction 
which are continuous and densely spaced and they restrict the stress transfer 
* by concrete across the cracks by introducing the friction limit |jo%,| < —ko<, ¢ Cin 

ad 
0) to prevent slip of interlocked rough crack “surfaces. The writer would 
like to point out that these assumptions are equivalent to the assumption that 
cracked concrete can be treated as a homogeneous (because the crack spacing 
vanishes at the limit), isotropic (because no direction is preferred), aan 


‘Ifthe crack surfaces are 
concrete element—as it is done in the paper—the friction limit 
be expressed as a function of the two principal stresses o{ and o$ in the concrete 
which act in the plane of the element: 8B, = = (0 = ,0 = 
_ "These conditions correspond to the yield locus which is obtained from be a 


: strain in an isotropic, cohesionless Coulomb | material with associated flow rule. 


For this case of isotropic behavior the p principal stress 05 which acts perpendicu- 3 


4 larly to the deformation plane is bounded by the two other principal stresses, 
i.e., of = oS = of or of = of = No such limitation does exist for the 
~ assumed special type of anisotropic behavior where the crack surfaces are 
restricted to be orthogonal to the plane of the reinforced concrete element. © 
The stresses oS can arbitrarily be chosen. In particular o{ may be put equal 
Recent perfect plasticity ‘solutions (10-12) are based on the assumption n that - 
concrete is a homogeneous, isotropic, perfectly plastic material governed by | 
a Mohr-Coulomb yield criterion and the associated flow rule. The assumptions — 
a for the reinforcement are the same as those in the paper. The yield surface — 
for the reinforced concrete element in the space of the applied membrane stresses | 
is the envelope | of all linear combinations of stresses in the concrete a and in 
the reinforcement which do not violate the respective yield criteria. Therefore 
4 is obtained by translation of the yield surface for concrete with the origin 
within the yield surface for reinforcement orvice versa. 


approach using “the appropriate plane strain formulation of the ‘yield 
pe corresponding to the assumed friction limit. In fact, all results of the 9 
authors’ equilibrium analysis are readily obtained from the solutions given -q 
Refs. 10-12 by inserting the material (friction coefficient, 


4 
| 
| 
a 
| 
| 
| 
| 
| 
5 “Dr. se. tech., Inst. of Structural Engrg., Swiss Federal Inst. of Tech. Ziirich, HIL- __ 
_Grebiude, ETH-Honggerberg, CH-8093 Ziirich, Switzerland. 


h 
co esion) for cracked concrete into the of those regimes 
1, which correspond to a state of plane strain in the concrete. The extension 
to general friction limits of the type f(o‘, ,|o‘,|) < 0 and to skew reinforcing — 
“mets as well as to nets with b bars of more t than two ‘directions i is straightforward te 
il It is interesting to note that the proposed slip-free limit design method leads 
_ to quite similar results as a special perfect plasticity approach which has been 
_ introduced by Lampert and Thiirlimann in order to determine the ultimate strength ie 
(of reinforced concrete beams in torsion and bending. This approach is based a 
+ on a model consisting of ‘stringers in the corners of the cross section « of a Be, 
beam and shear walls lying between them. With the notation used in the paper -* 
; the assumptions for the individual shear walls correspond to the case k = le > 
% At collapse the cracks are parallel to the directions of the uniaxial concrete ey 
sg fields in the shear walls and they open perpendicularly to these | 
directions. All reinforcement yields and the concrete compression trajectories — a 
remain rigid. From experimental observations it has been concluded that pthe 
redistribution of internal forces which is necessary | to ensure such a behavior = 
o% restricted to a certain range of ratios of longitudinal to stirrup reinforcement. he y 


FIG. 5. Cohesioniess Material, k = 3/4: ke = 
= tan 6 <= 5/3; (c) Compertoon of Safe Design Domains — 

the bounds 1/2 = k, = tan 6 = 1/k, have been a 

The limits correspond to cases where. only bars of one direction yield and the | te 
_ eracks open perpendicularly to the direction of the nonyielding bars. The 


application of the theory has been extended to the analysis and the design 


Z of reinforced concrete beams under the combined action of bending, torsion, _ 

+s shear and axial forces | (8). The approach has been adopted in recent codes — 
(7,13) using a v: wee, A; = 3/5 in order to avoid id large crack openings under 

me ce Fig. 5(a) shows the conical yield surface OABCD for a cohesionless Coulomb 

: _ material with a friction coefficient k = 3/4. The safe domain for the reinforced | 


_ concrete element in the space with the coordinates r, — n‘~ +7, — ny and n°, 
+ is obtained by translating the yield surface in the directions of the negative 
n,-axis and n, “axis. ‘Iti is bounded by the conical Part OBC and the two 


¥ 
The straight lines of contact OB and OC of the tangential ‘planes have the 
= —kn? = —2kB, /(1 + B?) and n° = = n 


a For the case k = o the conical yield surface OHEFI in Fig. 5(5) is is obtained. 


is out the planes OGE and OGF which correspond to 


| 

| 
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DISCUSSION. 


- ny ‘and n°, is bounded by the conical part and by the 


two planes "which are defined by the 7,-axis ; and the straight line OE nt, = 
= —k,n%) and the n,-axis and the straight line OF (nf, = 


es ei Fig. 5(c) the safe design domains according to the two methods are coh 

- for the example which has been treated in the paper (m = 0.5, a = 30°) assuming 
a a friction coefficient k= = = 5/3 for th the > slip- -free limit design method and a value , 


the results of the two methods i is given the area /BEFCB. 


“CEB- Model Code for d’Information No. 124/125- 
Comité Euro-International du Béton, Apr., 1978, p.348. 
8. Grob, J., and Thiirlimann, B., “Ultimate Strength and Design of Reinforced Concrete | 
Beams under Bending and Shear,”’’ Proceedings, International Association for Bridge 
and Structural Engineering, Vol. 36-II, 1976, pp. 105-120. 

7 Lampert, P., ‘‘Bruchwiderstand von Stahlbetonbalken unter Torsion und Biegung”’ 

7 (“Ultimate Strength of Reinforced Concrete Beams in Torsion and Bending’’ ), ol 
No. 26, Institute of Structural Engineering, Swiss Federal Institute of Technology 
Ziirich, Zurich, Switzerland, 1970, p. 189. 
10. Marti, P., and Thiirlimann, B., ‘‘Fliessbedingung fiir Stahlbeton mit Beriicksichtigung 

Betonzugfestigkeit” (““Yield Criterion for Reinforced Concrete Including Concrete 
_ Tensile Strength’’), Beton- und Stahlbetonbau, Vol. 72, No. 1, Jan., 1977, pp. 7-12. 
¢ Marti, P., “Plastic Analysis of Reinforced Concrete Shear Walls,’ > Colloquium — 
we ‘Plasticity in Reinforced Concrete,’’ Copenhagen, Denmark, 1979; Introductory Report, 
*% International Association for Bridge and Structural Engineering, Vol. 28, Zurich, — 
12. Marti, P., ‘‘Zur plastischen Berechnung von Stahlbeton,”’ (“‘On Plastic Analysis of 
a Reinforced Concrete’’), Report No. 104, Institute of Structural Engineering, Swiss _ 
Federal Institute of Technology Ziirich, 1980,p.176. 
. “Ultimate and Plastic Design of Reinforced and Prestressed — 


Structures,” ” Directive 162/34 concerning the Structural Design Standard SIA al 
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Dynamic OF STRUCTURAL sdT 


Discussion b by Alexander H. Flax’ 0) 


jo 


(d) for reducing the number of independent degrees of freedom in structural — 
dynamic systems by splitting such systems into primary degrees of freedom > 
_ and secondary degrees of freedom which are assumed to be ae to the primary 


“October, 1980, by Charles A. Miller (Proc. Paper 15775), hentai! 
Inst. Defense 400 Army- Dr., Va. 22202, 
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the original paper ‘and are summarized here. 
_ The methods proposed by Kidder and the author for otiindien td a 
: to the secondary components of the eigenvectors depend on a matrix —s 
7 series expansion of the ‘‘resonance’’ denominator of the secondary dynamical 
goad (Eq. 7). This expansion is is valid only for frequencies weed than the smallest t 
, the series is 
divergent and may lead to * ‘corrections”’ not ‘only of the wrong magnitude but — 
_ Although in simple cases such as beams, it is often possible to choose secondary 
c degrees of freedom based on a priori judgments so that series convergence ~ 
‘criteria will be met for the frequencies of all the vibration modes of interest, 
criteria for such selection may not be at all obvious for complex structures. ie 
In such cases, a posteriori estimation of a lower bound for the lowest vaiany 
of the secondary dynamical system is necessary to establish the range of validity 
of the matrix series expansion and correction methods based on such expansion. “4 


8. Kidder, R. L., * ‘alates of Structural Frequency Equations,”’ American Institute 7 
of Aeronautics and Astronautics Journal, Vol. 11, June, 1973, p. 892. =| fi» 
9. Flax, A. H., “Comment on ‘Reduction of Structural Frequency Equations,’’’ American _ 
Institute of Aeronautics and Astronautics Journal, Vol. 13, No. 5, May, 1975, pp. 
bd 


Shafi, M. ASCE 


The author presents another teenpeating — to the solution of symmetrical _ 
vierendeel frames. As described in the first part of ‘the ‘method, the solution 
a process seems to have a certain degree of self-checking. feature since the solution 
of equilibrium equations should result in joint moment balance. The second 
part of the solution dealt with application of the direct rotation contribution 
- method. It was not very clear, to the writer, if this method had simplified 
the author’s solution beyond the requirement for a simple solution to the 
equilibrium equations. Nor was it clear if the self-checking feature was maintained 
“November, 1980, by Velu Paramasivam (Proc. Paper 15792). 
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set_ by static coupling only. The author’s extension is aimed at improving the 
' accuracy of the secondary components of the eigenvectors and can be highly we . 
effective when properly applied. Essentially this same extension was proposed 
E 


= 
DISCUSSION 


i in its direct form. The writer has applied simple solutions to vierendeel frames . 
_ (6,7,8) which included also a convenient solution to | the moment equilibrium | 
equations (see Ref. 8). The author’s method and the method used by the writer, : 
as well as other methods dealing with continuous beams and symmetrical one _ 
bay frames, are basically involved with a system of linear equations as defined 
in Eq. 22. In solving these equations the writer used relaxation factors as defined 


_ in Eq. 23. For methods | using | moment distribution it can be shown that t these 


0. 


- 


+1552. 1 822. 9 
6. —Solution of Equilibrium Eqs. 12-15 
general form defined by Eq. 24, in which 


factor; and C = carry-over factor. 
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For | purpose ose of and c comparison, the re relaxation factors (Eq. 
s are used for the solution of equilibrium equations (Eqs. 12-15) as shown q 
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12. ‘Final moments can 
be. determined by proper substitution ¢ of K® values (ine 4, Fig. 6) as described 


by the author. It is noted from Eq. 23 that computation of the relaxation factors 
i is simple. Depending on convenience, this process can be utilized in the seh s 


method as another tool. tie: by ts 
6. Abdul-Shafi, A Rapid Solution of Vierendeel Frames,” 
10, No. 2, Second Quarter/1973, pp. 53-55. 
7. Abdul-Shaft, A., “‘Coupled Shearwalls Solution by a Longhand Method,” ACI Journal, — 
8. Abdul-Shafi, A., “ Analysis of Vierendeel Frames for Deflections, ” AISC Engineering 
Journal, Vol. 16, No. 1, First Quarter/1979, pp. 18-22. 


Discussion by Debasish K. Roy,” A. | M. ASCE 


The advantage of the ‘‘slope-shear”’ over the slope deflection 
equations had been recognized earlier and the outcome was the ‘‘no-shear moment 
procedure” Ref. 9 gives a comprehensive outline 

TABLE 1 —No- Shear Moment 


- 


Cycle ¥ 
Total 


DF = COF carryover factor; and FEM = fixed- end moment. 


of the no-shear distribution method. While the author is to be complimented — 
. for deriving and solving the ‘‘slope-shear’’ equations, the no-shear method 
heres the latter without explicitly deriving the * ‘slope-shear”’ ” equations. 


It solves the * ‘slope- shear’” equations by the successive approximation technique 


| 
q 
| q 
Teo leds be 
Cycle | ~1,800. | ~+1,800. | +10,800. | +1,8007 1,800. 
Cyle2 fof 425. 1,425. | $8,550. 
Cycle =178. | +106. | +1787) -17 | § 
| 
| 
| 
| 
Stated in the technical note. nder the circumstances, the writer feels compelled 
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q 

and demonstrate that the Tequirements of the methods are 

Moment Distribution Method.—Since all the futile ‘members are 


_ assumed to be prismatic in the author’s numerical example, the no-shear moment — 7 


"distribution method, as applied to the specific example solved in the paper, 

; requires: (I) A substitute frame as s shown in Fig. - (i); (2) the value of EI / h, ® 

end-rotational stiffness of the floor beams (for this problem =3/); (4a 
pS: modified carryover factor of —1 to be applied to find carryover moments at 
‘ column ends, and as implied in Figs. 3(iii) and (iv); and (5) the modified column 

f fixed end m moments $ (formula derived in a Ref. 9) and included i in a Fig. eae é 

each joint is required and is obtained by summing the adjusted member end - 
stiffness of the members at the joint. For joints 1 through 3, the jointwise — 

summation + + + Sx = Sy + Sy + Su 4 
K+ 6K + io vo and the stiffness of joint 4 is yy +S = K+ 6K 
: El/4; and S, = end-rotational stiffness of a member — 


for Loaded Frame Shown in Fig. 


j 


ay 
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If the author’ s final set of equations, 12- are Tewritten 
in matrix form as: 


g 
3,271. —3,929. 44,939. | -1,009. | -1,391. | 41,391. 
bo 


wer 


_stiffnesses as obtained via the ‘no-shear ‘moment distribution procedure” ‘The 


- which also can be obtained pod. from, Tatip 1 by summing the fixed- fon moments 
_ The final end moments as obtained by the no-shear distribution method are 

_ given in Table | and are seen to compare well with the author’s results. Bi pasiiepe 
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BEHAVIOR OF OF Bracep Frames* 


Errata 


- following should be made to the pape 


Page 2378, ‘tm 1, Col. 2, N Nes. 5, 6, 7, 8: Should be on line 5, Frame I, _ 
instead of on line 3, Frame 
Page 2378, Table 1, Col. 3, line 3, Frome II: Should Tead 0.1 
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